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The purpose of this chapter isto lay the groundwork for application of the concepts of open-channel
flow, fluvial geomorphology, and river mechanics to the design, maintenance, and related environmental
problems associated with highway crossings and encroachments.

Basic definitions of terms and notations adopted for use herein have been presented in the preceding
section for easy use and rapid reference. Additionally, these important terms and variables are defined
and explained as they are encountered.

1.1 Classification of River Crossings and Encroachments

Thereisawide variety of types of rivers, river crossings and encroachments. Encroachment is any
occupancy of the river and floodplain for highway use. The objective herein isto consider the fluvial,
hydraulic, geomorphic and environmental aspects of highway encroachments, including bridge and
culvert locations, alignments, longitudinal encroachments, stabilization works and road approaches.
Encroachments usually present no problems during normal stages but require special protection against
floods. Flood protection requirements vary from site to site.

Some bridges and culverts must accommodate the passage of livestock and farm equipment underneath
during periods of low flow. Other bridges require low embankments for aesthetic appeal, especialy in
populated areas. Still other bridges require short spans with long approaches and numerous piers for
economic reasons. All of these factors, and many more, contribute to the difficulty in generalizing the
design for al highway encroachments.

A classification of encroachments based on prominent features is helpful. Classifying the regions
requiring protection, the possible types of protection, the possible flow conditions, the possible channel
shapes, and the various geometric conditions aids the engineer in selecting the design criteriafor the
conditions he has encountered.

1.1.1 Types of Encroachment

In the vicinity of rivers, highways generally must impose a degree of encroachment. In some
instances, particularly in mountainous regions or in river gorges and canyons, river
crossings can be accomplished with absolutely no encroachment on theriver. The bridge
and its approaches are located far above and beyond any possible flood stage. More
commonly, the economics of crossings require substantial encroachment on the river and its
floodplain, the cost of asingle span over the entire floodplain being prohibitive. The
encroachment can be in the form of earth fill embankments over the floodplain or into the




main channel itself, reducing the required bridge length; or in the form of piers and
abutments or culverts in the main channel of theriver.

There are also longitudinal encroachments not connected with river crossings.
Floodplains often appear to provide an attractive low cost alternative for highway
location, even when the extra cost of flood protection is included. As a
consequence, highways, including interchanges, often encroach on a floodplain
over long distances. In some regions, river valleys provide the only feasible route
for highways. This is true even in areas where a floodplain does not exist. In many
locations the highway must encroach on the main channel itself and the channel is
partly filled to allow room for the roadway. In some instances this encroachment
becomes severe, particularly as older highways are upgraded and widened. There
is also often the need to straighten a stretch of the river, eliminating meanders, to
accommodate the highway.

1.1.2 Geometry of Bridge Crossings

The bridge crossing is the most common type of river encroachment. The geometric
properties of bridge crossings illustrated in Figure 1.1.1 are commonly used
depending on the conditions at the site. The approaches may be skewed or normal
(perpendicular) to the direction of flow, or one approach may be longer than the
other, producing an eccentric crossing. Abutments used for the overbank-flow case
may be set back from the low-flow channel banks to provide room to pass the flood
flow or simply to allow passage of livestock and machinery, or the abutments may
extend up to the banks or even protrude over the banks, constricting the low-flow
channel. Piers, dual bridges for multi-lane freeways, channel bed conditions, spur
dikes and guide banks add to the list of geometric classifications.
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Figure 1.1.1. Geometric Properties of Bridge Crossings

The design procedures have been derived from laboratory and field observations of
bridge crossings. The design procedures include allowances made for the effects of
skewness, eccentricity, scour, abutment setback, channel shape, submergence of
the superstructure, debris, spur dikes, wind waves, ice, piers, abutment types, and
flow conditions. These design procedures take advantage of the large volume of
work that has been done by many people in describing the hydraulics and scour
characteristics of bridge crossings.

1.2 Dynamics of Natural Rivers and Their
Tributaries

Frequently, environmentalists, river engineers, and those involved in transportation, navigation,
and flood control mistakenly consider a river to be static; that is, unchanging in shape,
dimensions, and pattern. However, an alluvial river generally is continually changing its position
and shape as a consequence of hydraulic forces acting on its bed and banks. These changes
may be slow or rapid and may result from natural environmental changes or from changes by
man's activities. When an engineer modifies a river channel locally, this local change frequently
causes modification of channel characteristics both up and down the stream. The response of a
river to man-induced changes often occurs in spite of attempts by engineers to keep the
anticipated response under control.

The points that must be stressed are that a river through time is dynamic, that man-induced
change frequently sets in motion a response that can be propagated for long distances, and



that in spite of their complexity all rivers are governed by the same basic forces. The highway
engineer must understand and work with these natural forces. It is absolutely necessary for the
design engineer to have at hand competent knowledge about: (1) geological factors, including
soil conditions; (2) hydrologic factors, including possible changes in flows, runoff, and the
hydrologic effects of changes in land use; (3) geometric characteristics of the stream, including
the probable geometric alterations that will be activated by the changes his project and future
projects will impose on the channel; and (4) hydraulic characteristics such as depths, slopes,
and velocity of streams and what changes may be expected in these characteristics in space
and time.

1.2.1 Historical Evidence of the Natural Instability of Fluvial
Systems

In order to emphasize the inherent dynamic qualities of river channels, evidence is
cited below to demonstrate that most alluvial rivers are not static in their natural
state. Indeed, scientists concerned with the history of landforms
(geomorphologists), vegetation (botanists), and the past activities of man
(archaeologists), rarely consider the landscape as unchanging. Rivers, glaciers,
sand dunes, and seacoasts are highly susceptible to change with time. Over a
relatively short period of time, perhaps in some cases as long as man's lifetime,
components of the landscape may be relatively stable. Nevertheless stability cannot
be automatically assumed. Rivers are, in fact, the most actively changing of all
geomorphic forms.

Evidence from several sources demonstrate that river channels are continually
undergoing changes of position, shape, dimensions, and pattern. In Figure 1.2.1 a
section of the Mississippi River as it was in 1884 is compared with the same section
as observed in 1968. In the lower 6 miles of river, the surface area has been
reduced approximately 50 percent during this 84-year period. Some of this change
has been natural and some has been the consequence of river development work.
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Figure 1.2.1. Comparison of the 1884 and 1968 Mississippi River Channel near
Commerce, Missouri

In alluvial river systems, it is the rule rather than the exception that banks will erode,
sediments will be deposited and floodplains, islands, and side channels will undergo
modification with time. Changes may be very slow or dramatically rapid. Fisk's
(1944) report on the Mississippi River and his maps showing river position through
time are sufficient to convince everyone of the innate instability of the Mississippi
River. The Mississippi is our largest and most impressive river and because of its
dimensions it has sometimes been considered unique. This is, of course, not so.
Hydraulic and geomorphic laws apply at all scales of comparable landform
evolution. The Mississippi may be thought of as a prototype of many rivers or as a
much larger than prototype model of many sandbed rivers.

Rivers change position and morphology (dimensions, shape, pattern) as a result of
changes of hydrology. Hydrology can change as a result of climatic changes over
long periods of time, or as a result of natural stochastic climatic fluctuations
(droughts, floods), or by man's modification of the hydrologic regime. For example,
the major climatic changes of recent geological time (the last few million years of
earth history) have triggered dramatic changes in runoff and sediment loads with
corresponding channel alteration. Equally significant during this time were
fluctuations of sea level. During the last continental glaciation, sea level was on the



order of 400 feet lower than at present, and this reduction of base level caused
major incisions of river valleys near the coasts.

In recent geologic time, major river changes of different types occurred. These
types are deep incision and deposition as sea level fluctuated, changes of channel
geometry as a result of climatic and hydrologic changes, and obliteration or
displacement of existing channels by continental glaciation. Climatic change, sea
level change, and glaciation are interesting from an academic point of view but are
not considered as cause of modern river instability. The movement of the earth's
crust is one geologic agent causing modern river instability. The earth's surface in
many parts of the world is undergoing continuous measurable change by
upwarping, subsidence or lateral displacement. As a result, the study of these
ongoing changes (called neotectonics) has become a field of major interest for
many geologists and geophysicists. Such gradual surface changes can affect
stream channels dramatically. For example, Wallace (1967) has shown that many
small streams are clearly offset laterally along the San Andreas fault in California.
Progressive lateral movement of this fault on the order of an inch per year has been
measured. The rates of movement of faults are highly variable, but an average rate
of mountain building has been estimated by Schumm (1963) to be on the order of
25 feet per 1000 years. Seemingly insignificant in human terms, this rate is actually
0.3 inches per year or 3 inches per decade. For many river systems, a change of
slope of 3 inches would be significant. (The slope of the energy gradient on the
Lower Mississippi River is about 3 to 6 inches per mile).

Of course, the geologist is not surprised to see drainage patterns that have been
disrupted by uplift or some complex warping of the earth's surface. In fact, complete
reversals of drainage lines have been documented. In addition, convexities in the
longitudinal profile of both rivers and river terraces (these profiles are concave
under normal development) have been detected and attributed to upwarping.
Further, the progressive shifting of a river toward one side of its valley has resulted
from lateral tilting. Major shifts in position of the Brahmaputra River toward the west
are attributed by Coleman (1969) to tectonic movements. Hence, neotectonics
should not be ignored as a possible cause of local river instability.

Long-term climatic fluctuations have caused major changes of river morphology.
Floodplains have been destroyed and reconstructed many times over. The history
of semi-arid and arid valleys of the western United States is one of alternating
periods of channel incision and arroyo formation followed by deposition and valley
stability which have been attributed to climatic fluctuations.

It is clear that rivers can display a remarkable propensity for change of position and
morphology in time periods of a century. Hence rivers from the geomorphic point of
view are unquestionably dynamic, but does this apply to modern rivers? It is
probable that during a period of several years, neither neotectonics nor a
progressive climate change will have a detectable influence on river character and
behavior. What then causes a river to appear relatively unstable from the point of
view of the highway engineer or the environmentalist? It is the slow but implacable




shift of a river channel through erosion and deposition at bends, the shift of a
channel to form chutes and islands, and the cutoff of a bend to form oxbow lakes.
Lateral migration rates are highly variable; that is, a river may maintain a stable
position for long periods and then experience rapid movement. Much therefore
depends on flood events, bank stability, permanence of vegetation on banks and
the floodplain and watershed land use. A compilation of data by Wolman and
Leopold shows that rates of lateral migration for the Kosi River of India range up to
approximately 2500 feet per year. Rates of lateral migration for two major rivers in
the United States are as follows: Colorado River near Needles, California, 10 to 150
feet per year; Mississippi River near Rosedale, Mississippi, 158 to 630 feet per
year.

Archaeologists have also provided clear evidence of channel changes that are
completely natural and to be expected. For example, the number of archaeologic
sites of the floodplains decreases significantly with age because the earliest sites
are destroyed as floodplains are modified by river migration. Lathrop (1968),
working on the Rio Ycayali in the Amazon headwaters of Peru, estimates that on
the average a meander loop on this river begins to form and cuts off in 5000 years.
These loops have an amplitude of 2 to 6 miles and an average rate of meander
growth of approximately 40 feet per year.

A study by Schmuddle (1963) shows that about one-third of the floodplain of the
Missouri River over the 170-mile reach between Glasgow and St. Charles, Missouiri,
was reworked by the river between 1879 and 1930. On the Lower Mississippi River,
bend migration was on the order of 2 feet per year, whereas in the central and
upper parts of the river, below Cairo, it was at times 1000 feet per year (Kolb,
1963). On the other hand, a meander loop pattern of the lower Ohio River has
altered very little during the past thousand years. (Alexander and Nunnally, 1972).

Although the dynamic behavior of perennial streams is impressive, the modification
of rivers in arid and semi-arid regions and especially of ephemeral (flowing
occasionally) stream channels is startling. A study of floodplain vegetation and the
distribution of trees in different age groups led Everitt (1968) to the conclusion that
about half of the Little Missouri River floodplain in western North Dakota was
reworked in 69 years.

Historical and field studies by Smith (1940) show that floodplain destruction
occurred during major floods on rivers of the Great Plains. As exceptional example
of this is the Cimarron River of Southwestern Kansas, which was 50 feet wide
during the latter part of the 19th and first part of the 20th centuries (Schumm and
Lichty, 1957). Following a series of major floods during the 1930's it widened to
1200 feet, and the channel occupied essentially the entire valley floor. During the
decade of the 1940's a new floodplain was constructed, and the river width was
reduced to about 500 feet in 1960. Equally dramatic changes of channel
dimensions have occurred along the North and South Platte Rivers in Nebraska and
Colorado as a result of man's control of flood peaks by reservoir construction.
Natural changes of this magnitude due to changes in flood peaks are perhaps



exceptional, but emphasize the mobility of rivers and their ability to adapt to
changing conditions.

Another somewhat different type of channel modification which testifies to the
rapidity of fluvial processes is described by Shull (1922, 1944). During a major flood
in 1913, a barge became stranded in a chute of the Mississippi River near
Columbus, Kentucky. The barge induced deposition in the chute and an island
formed. In 1919, the island was sufficiently large to be homesteaded, and a few
acres were cleared for agricultural purposes. By 1933, the side channel separating
the island from the mainland had filled to the extent that the island became part of
Missouri. The island formed in a location protected from the erosive effects of floods
but susceptible to deposition of sediment during floods. For these reasons the
channel filling was rapid and progressive. It cannot be concluded that islands will
always form and side channels fill at such rapid rates, but island formation and
side-channel filling appear to be the normal course of events in any river
transporting moderate or high sediment loads regardless of the river size.

In summary, archaeological, botanical, geological, and geomorphic evidence
supports the conclusion that most rivers are subject to constant change as a normal
part of their morphologic evolution. Therefore, stable or static channels are the
exception in nature.

1.2.2 Introduction to River Hydraulics and River Response

In the previous section it was established that rivers are dynamic and respond to
changing environmental conditions. The direction and extent of the change depends
on the forces acting on the system. The mechanics of flow in rivers is a complex
subject that requires special study which is unfortunately not included in basic
courses of fluid mechanics. The major complicating factors in river mechanics are:
(a) the large number of interrelated variables that can simultaneously respond to
natural or imposed changes in a river system and (b) the continual evolution of river
channel patterns, channel geometry, bars and forms of bed roughness with
changing water and sediment discharge. In order to understand the responses of a
river to the actions of man and nature, a few simple hydraulic and geomorphic
concepts are presented here.

River forms are broadly classified as straight, meandering, braided or some
combination of these classifications, but any changes that are imposed on a river
may change its form. The dependence of river sinuosity on the slope which may be
imposed independent of the other river characteristics is illustrated schematically in
Figure 1.2.2. By changing the slope, it is possible to change the river from a
meandering one that is relatively tranquil and easy to control to a braided one that
varies rapidly with time, has high velocities, is subdivided by sandbars and carries
relatively large quantities of sediment. Such a change could be caused by a natural
or artificial cutoff. Conversely, it is possible that a slight decrease in slope could
change an unstable braided river into a meandering one.




The significantly different channel dimensions, shapes, and patterns associated
with different quantities of discharge and amounts of sediment load indicate that as
these independent variables change, major adjustments of channel morphology can
be anticipated. Further, if changes in sinuosity and meander wavelength as well as
in width and depth are required to compensate for a hydrologic change, then a long
period of channel instability can be envisioned with considerable bank erosion and
lateral shifting of the channel before stability is restored. The reaction of a channel
to changes in discharge and sediment load may result in channel dimension
changes contrary to those indicated by many regime equations. For example, it is
conceivable that a decrease in discharge together with an increase in sediment load
could actuate a decrease in depth and an increase in width.
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Figure 1.2.2. Sinuosity vs. Slope with Constant Discharge

Changes in sediment and water discharge at a particular point or reach in a stream
may have an effect ranging from some distance upstream to a point downstream
where the hydraulic and geometric conditions will have absorbed the change. Thus,



it is well to consider a channel reach as part of a complete drainage system.
Artificial controls that could benefit the reach may, in fact, cause problems in the
system as a whole. For example, flood control structures can cause downstream
flood damage to be greater at reduced flows if the average hydrologic regime is
changed so that the channel dimensions are actually reduced. Also, where major
tributaries exert a significant influence on the main channel by introducing large
guantities of sediment, upstream control on the main channel may allow the
tributary to intermittently dominate the system with deleterious results. If discharges
in the main channel are reduced, sediments from the tributary that previously were
eroded will no longer be carried away and serious aggradation with accompanying
flood problems may arise.

An insight into the direction of change, the magnitude of change, and the time
involved to reach a new equilibrium can be gained by studying the river in a natural
condition; having knowledge of the sediment and water discharge; being able to
predict the effects and magnitude of man's future activities; and applying to these a
knowledge of geology, soils, hydrology, and hydraulics of alluvial rivers.

The current interest in ecology and the environment have made people aware of the
many problems that mankind can cause. Previous to the present interest in
environmental impact, very few people interested in rivers ever considered the
long-term changes that were possible. It is imperative that anyone working with
rivers, either with localized areas or entire systems, have an understanding of the
many factors involved, and of the potential for change existing in the river system.

Two methods of predicting response are employed. They are the physical and the
mathematical models. Engineers have long used small scale hydraulic models to
assist them in anticipating the effect of altering conditions in a reach of a river. With
proper awareness of the large scale effects that can exist, the results of hydraulic
model testing can be extremely useful for this purpose. A more recent and
alternative method of predicting short-term and long-term changes in rivers involves
the use of mathematical models. To study a transient phenomenon in natural
alluvial channels, the equations of motion and continuity for sediment laden water
and the continuity equation for sediment can be used as discussed in Chapter 3

and Chapter 4.

1.3 Effects of Highway Construction on River
Systems

Highway construction can have significant general and local effects on the geomorphology and
hydraulics of river systems. Hence, it is necessary to consider induced short-term and
long-term responses of the river and its tributaries, the impact on environmental factors, the
aesthetics of the river environment and short-term and long-term effects of erosion and
sedimentation on the surrounding landscape and the river. The biological response of the river



system should also be evaluated and considered.

1.3.1 Immediate Responses

Let us consider a few of the numerous and immediate responses of rivers to the
construction of bridges, training and channel stabilization works and approaches.

In the preceding paragraphs we indicated that local changes made in the geometry
or the hydraulic properties of the river may be of such a magnitude as to have an
immediate impact upon the entire river system. More specifically, contractions due
to the construction of encroachments usually cause contraction and local scour, and
the sediments removed from this location are usually dropped in the immediate
reach downstream. In the event that the contraction is extended further
downstream, the river may be capable of carrying the increased sediment load an
additional distance but only until a reduction in gradient and a reduction in transport
capability is encountered. The increased velocities caused by encroachments may
also affect the general lateral stability of the river downstream.

In addition, the development of crossings and the contraction of river sections may
have a significant effect on the water level in the vicinity and upstream of the bridge.
Such changes in water level upstream of the bridge are called backwater effects.
The highway engineer must be in a position to accurately assess the effects of the
construction of crossings upon the water surface profile.

To offset increased velocities and to reduce bank instabilities and related problems,
one ends up, in many instances, with stabilizing or channelizing the river to some
degree. When it is necessary to do this, every effort should be made to do the
channelization in a manner which does not degrade the river environment, which
includes the river's aesthetic value.

As a consequence of construction, many areas become highly susceptible to
erosion. The transported sediment is carried from the construction site by surface
flow into the minor rills, which combine within a short distance to form larger
channels leading to the river. The water flowing from the construction site is usually
a consequence of rain. The surface runoff and the accompanying erosion can
significantly increase the sediment yield to the river channel unless careful control is
exercised. The large sediment particles transported to the main channel may reside
in the vicinity of the construction site for a long period of time or may be slowly
moved away. On the other hand, the fine sediments are easily transported and
generally pollute the whole cross section of the river. The fine sediments are
transported downstream to the nearest reservoir or to the sea. As will be discussed
later, the sudden injection of the larger sediments into the channel may cause local
aggradation, thereby steepening the channel, increasing the flow velocities and
possibly causing instability in the river at that site.

The suspended fine sediments can have very significant effects on the biomass of
the stream. Certain species of fish can only tolerate large quantities of suspended




sediment for relatively short periods of time. This is particularly true of the eggs and
fry. This type of biological response to development normally falls outside of the
competence of the engineer. Yet his work may be responsible for the discharge of
these sediments into the system. If he is unable to cope with the problem, the
engineer should utilize adequate technical assistance from experts in fisheries,
biology, and other related areas to overcome the consequences of sediment
pollution in a river. Only with such knowledge can he develop the necessary
arguments to sell his case that erosion control measures must be exercised to
avoid significant deterioration of the stream environment not only in the immediate
vicinity of the bridge but in many instances for great distances downstream.

Another possible immediate response of the river system to construction is the loss
of the recreational use of the river. In many streams, there may be an immediate
drop in the quality of the fishing due to the increase of sediment load, or other
changed hydraulic characteristics within the channel. Some natural rivers consist of
a series of pools and riffles. Both form an important part of the environment from the
viewpoint of fisheries. The introduction of larger quantities of sediment into the
channel and changes made in the geometry of the channel may result in the loss of
these pools and riffles. Along the same lines, construction work within the river may
cause a loss of food essential to fish life and often it is difficult to get the food chain
reestablished in the system.

Construction and operation of highways in water-supply watersheds present very
real problems and require special precautionary designs to protect the water
supplies from highway residue. These residues may be largely sedimentary and
may increase the turbidity of the water. There have been instances, however, where
other unwelcome materials such as asphalt distillates and deicing salts which have
been traced to highway operations.

The preceding discussion is related to only a few immediate responses to
construction along a river. However, they are responses that illustrate their
importance to design and the environment.

1.3.2 Delayed Response of Rivers to Development

In addition to the example of possible immediate responses discussed above, there
are important delayed responses of rivers to highway development. As part of this
introductory chapter, consideration is given to some of the more obvious effects that
can be induced on a river system over a long time period by highway construction.

Sometimes it is necessary to employ training works in connection with highway
encroachments to favorably align the flow with bridge or culvert openings. When
such training works are used, they generally straighten the channel, shorten the
flow line, and increase the local velocity within the channel. Any such changes
made in the system that cause an increase in the gradient may cause an increase
in local velocities. The increase in velocity increases local and contraction scour



with subsequent deposition downstream where the channel takes on its normal
characteristics. If significant lengths of the river are trained and straightened, there
can be a noticeable decrease in the elevation of the water surface profile for a given
discharge in the main channel. Tributaries emptying into the main channel in such
reaches are significantly affected. Having a lower water level in the main channel
for a given discharge means that the tributary streams entering in that vicinity are
subjected to a steeper gradient and higher velocities which cause degradation in
the tributary streams. In extreme cases, degradation can be induced of such
magnitude as to cause failure of structures such as bridges, culverts or other
encroachments on the tributary systems. In general, any increase in transported
materials from the tributaries to the main channel causes a reduction in the quality
of the environment within the river. More specifically, as degradation occurs in the
tributaries, bank instabilities are induced and the sediment loads are greatly
increased. Increased sediment loads usually result in a deterioration of the
environment.

1.4 The Effects of River Development on Highway
Encroachments

Some of the possible immediate and delayed responses of rivers and river systems to the
construction of bridges, approaches, culverts, channel stabilization, longitudinal
encroachments, and the utilization of training works have been mentioned. It is necessary also
to consider the effects of highway encroachments on river development works. These works
may include, for example, water diversions to and from the river system, construction of
reservoirs, flood control works, cutoffs, levees, navigation works, and the mining of sand and
gravel. It is essential to consider the possible or probable long-term plans of all agencies and
groups as they pertain to a river when designing crossings or when dealing with the river in any
way. Let us consider a few typical responses of a crossing to different types of water resources
development.

Cutoffs may develop naturally in the river system or cutoffs can be constructed by man. The
general consequence of cutoffs is to shorten the flow path and steepen the gradient of the
channel. The local steepening can significantly increase the velocities and sediment transport.
Also, this action can induce significant instability such as bank erosion and degradation in the
reach. The material scoured in the reach affected by the cutoff is probably carried only to an
adjacent downstream reach where the gradient is flatter. In this region of slower velocities the
sediment drops out rapidly. Deposition can have significant detrimental effect on the
downstream reach of river, increasing the flood stage in the river itself and increasing the base
level for the tributary stream, thereby causing aggradation in the tributaries.

Consider a classic example of a cutoff that was constructed on a large bend in one of the
tributaries to the Mississippi. Along this bend, small towns had developed and small tributary
streams entered the main channel within the bendway. It was decided to develop a cutoff
across the gooseneck to shorten the flow line of the river, reduce the flood stage and generally



improve poor hydraulic conditions in that location. Several interesting results developed.

In the vicinity of the cutoff, the bankline eroded and degradation was initiated. Within the
bendway, the small tributaries continued to discharge their water and sediment. Because of the
flat gradient in the bend, this channel section could not convey the sediment from the small
systems through it and aggradation was initiated. Within a short period of time sufficient
aggradation had occurred so as to jeopardize water intakes, sewage outfalls and so forth. As a
consequence of the adverse action in the vicinity of the cutoff and within the bendway itself, it
was finally decided that it would be more beneficial to restore the river to its natural form
through the bend. This action was taken and the serious problems were alleviated.

In such a haphazard program of river development, the highway engineer would be hard
pressed to maintain and plan for his highway system along and over this reach of river.

Another common case occurs with the development of reservoirs for storage and flood control.
These reservoirs serve as traps for the sediment normally flowing through the river system.
With sediment trapped in the reservoir, essentially clear water is released downstream of the
dam site. This clear water has the capacity to transport more sediment than is immediately
available. Consequently the channel begins to supply this deficit with resulting degradation of
the bed or banks. This degradation may significantly affect the safety of bridges in the
immediate vicinity. Again, the degraded or widened main channel causes steeper gradients on
tributary streams in the vicinity of the main channel. The result is degradation in the tributary
streams. It is entirely possible, however that the additional sediments supplied by the tributary
streams would ultimately offset the degradation in the main channel. Thus, it must be
recognized that downstream of storage structures the channel may either aggrade or degrade
and the tributaries will be affected in either case.

There are important responses induced upstream of reservoirs as well as downstream. When
the stream flowing into a reservoir encounters the ponded water, its sediment load is deposited
forming a delta. This deposition in the reservoir flattens the gradient of the channel upstream.
The flattening of the upstream channel induces aggradation causing the bed of the river to rise,
threatening highway installations and other facilities. For example, Elephant Butte Reservoir,
built on the Rio Grande, has caused the Rio Grande to aggrade many miles upstream of the
reservoir site. This change in bed level can have very significant effects upon bridges, other
hydraulic structures and all types of training and stabilization works. Ultimately the river may be
subjected to a flow of magnitude sufficient to overflow existing banks, causing the water to seek
an entirely new channel. With the abandonment of the existing channel there would be a variety
of bridges and hydraulic structures that would also be abandoned at great expense to the
public.

The clear-water diversion into South Boulder Creek in Colorado is another example of river
development that affects bridge crossings and encroachments as well as the environment in
general. Originally the North Fork of South Boulder Creek was a small but beautiful scenic
mountain stream. The banks were nicely vegetated; there was a beautiful sequence of riffles
and pools which had all the attributes of a good fishing habitat. Years ago, water was diverted
from the Western Slope of the Rockies through a tunnel to the North Fork of South Boulder
Creek. The normal stage in that channel was increased by a factor of 4 to 5. The extra water



caused significant bank erosion and channel degradation. In fact, the additional flow gutted the
river valley, changing the channel to a straight raging torrent capable of carrying large
guantities of sediment. Degradation in the system had reached as much as 15 to 20 feet before
measures were taken to stabilize the creek.

Stabilization was achieved by flattening the gradient by constructing numerous drop structures
and by reforming the banks with riprap. The system has stabilized but it is a different system.
The channel is straight, much of the vegetation has been washed away, and the natural
sequence of riffles and pools has been destroyed. The valley may never again have the natural
form and beauty it once possessed. It is necessary for us to bear in mind that diversions to or
from the natural river system can greatly alter its geometry, beauty and utility. The river may
undergo a complete change, giving rise to a multitude of problems in connection with the
design and maintenance of hydraulic structures, encroachments and bridge crossings along the
affected reach.

In the preceding paragraphs possible immediate and long-term responses of river systems to
various types of river development have been described. Nothing has been indicated about
how to determine the magnitude of these changes. This important aspect of response of rivers
to development will be treated more objectively in later chapters.

1.5 Technical Aspects

Effects of river development, flood control measures and channel structures built during the last
century have proven the need for taking into account delayed and far-reaching effects of any
alteration man makes in a natural alluvial river system.

Because of the complexity of the processes occurring in natural flows and the erosion and
deposition of material, an analytical approach to the problem is very difficult and time
consuming. Most of our river process relations have been derived empirically. Nevertheless, if a
greater understanding of the principles governing the processes of river formation is to be
gained, the empirically derived relations must be put in the proper context by employing the
analytical approach. In that way the distinct limitations of the empirical relations can be
removed.

Mankind's attempts at controlling large rivers has often led to the situation described by J.
Hoover Mackin (1937) when he wrote:

“"the engineer who alters natural equilibrium relations by diversion or damming or
channel improvement measures will often find that he has the bull by the tail and is
unable to let go . . . as he continues to correct or suppress undesirable phases of
the chain reaction of the stream to the initial 'stress’ he will necessarily place
increasing emphasis on study of the genetic aspects of the equilibrium in order that
he may work with rivers, rather than merely on them."

Through such experiences, man realizes that, to prevent or reduce the detrimental effects of
any modification of the natural processes and state of equilibrium on a river, he must gain an



understanding of the physical laws governing them, and become knowledgeable of the
far-reaching effects of any attempt to control or modify a river's course.

1.5.1 Variables Affecting River Behavior

Variables affecting alluvial river channels are numerous and interrelated. Their
nature is such that, unlike rigid boundary hydraulic problems, it is not possible to
isolate and study the role of any individual variable.

Major factors affecting alluvial stream channel forms are: (1) stream discharge,
temperature, viscosity; (2) sediment load; (3) longitudinal slope; (4) bank and bed
resistance to flow; (5) vegetation; (6) geology, including types of sediments; and (7)
the works of man.

The fluvial processes involved are very complicated and the variables of importance
are difficult to isolate. Many laboratory and field studies have been carried out in an
attempt to relate these and other variables to the present time. The problem has
been more amenable to an empirical solution than an analytical one.

In an analysis of flow in alluvial rivers, the flow field is complicated by the constantly
changing discharge. Significant variables are, therefore, quite difficult to relate
mathematically. It is desirable to list measurable or computable variables which
effectively describe the processes occurring and then to reduce the list by making
simplifying assumptions and examining relative magnitudes of variables, striving
toward an acceptable balance between accuracy and limitations of obtaining data.
When this is done, the basic equations of fluid motion may be simplified (on the
basis of valid assumptions) to describe the physical model.

It is the role of the succeeding chapters to present these variables, define them,
show how they interrelate, quantify their interrelations where feasible, and show
how they can be applied to achieve the successful design of river crossings and
encroachments.

1.5.2 Basic Knowledge Required

In order for the engineer to cope successfully with river engineering problems, it is
necessary that he has an adequate background in engineering with an emphasis on
hydrology, hydraulics, erosion and sedimentation, river mechanics, soil mechanics,
structures, economics, the environment and related subjects. In fact, as the public
has demanded more comprehensive treatment of river development problems, the
highway engineer should further improve his knowledge, and the application of it, by
soliciting the cooperative efforts of the hydraulic engineer, hydrologist, geologist,
geomorphologist, meteorologist, mathematician, statistician, computer programmer,
systems engineer, soil physicist, soil chemist, biologist, water management staff
and economist. Professional organizations requiring these talents should be



encouraged to work cooperatively to achieve the long range research needs and
goals relative to river development and application of knowledge on a national and
international basis. Through an appropriate exchange of information between
scientists working in these fields, opportunities to do a better job with all aspects of
river development should be greatly enhanced.

1.5.3 Data Requirement

Large amounts of data pertaining to understanding the behavior of rivers have been
acquired over a long period of time. Nevertheless, data collection efforts to date
have been sporadic and unfocused. Agencies should take a careful look at present
data requirements needed to solve practical problems along with existing data. A
careful analysis of data requirements would make it possible to more efficiently
utilize funds to collect data in the future. The basic type of information that is
required includes: water discharge hydrograph, sediment discharge hydrograph, the
characteristics of the sediments being transported by streams, the characteristics of
the channels in which the water and sediment are transported, and the
characteristics of watersheds and how they deliver water and sediment to the
stream systems. Environmental data is also needed so that proper assessment can
be made of the impact of river development upon the environment and vice versa.
The problem of data requirements at river crossings is of sufficient importance that
it is treated in greater detail in Chapter 6.

1.6 Future Technical Trends

When considering the future, it is essential to recognize the present state of knowledge
pertaining to river hydraulics and then identify inadequacies in existing theories and encourage
further research to help correct these deficits of knowledge. In order to correct such deficits
there is need to take a careful look at existing data pertaining to rivers, future data
requirements, research needs, training programs and methods of developing staff that can
apply this knowledge to the solution of practical problems.

1.6.1 Adequacy of Current Knowledge

The basic principles of fluid mechanics involving application of continuity,
momentum and energy concepts are well known and can be effectively applied to a
wide variety of river problems. Considerable work has been done on the hydraulics
of rigid boundary open channels and excellent results can be expected. The
steady-state sediment transport of nearly uniform sizes of sediment in alluvial
channels is well understood. There is good understanding of stable channel theory
in non-cohesive materials of all sizes. The theory is adequate to enable us to design
stable systems in the existing material or, if necessary, designs can be made for



appropriate types of stabilization treatments for canals and rivers to have them
behave in a stable manner. There have been extensive studies of the fall velocity of
non-cohesive sediments in static fluids to provide knowledge about the interaction
between the particle and fluid so essential to the development of sediment transport
theories. The use of computers and the development of computer programs has
greatly helped the hydraulic engineer to solve problems on highway crossings and
encroachments. These programs are the FHWA WSPRO or the Corps of Engineers
HEC 2 used to solve the water surface elevation and the velocity of the flow in a
river. The FHWA BRISTARS program to determine flow of water and sediment
through a bridge crossing. The Corps of Engineers HEC 2 program to route the
water through a river system is also very valuable. This latter program is of
particular importance in routing water from an upstream gaging station downstream
to a bridge taking into account any increase or decrease in flow that might occur in
between the station and the bridge.

Thus, available concepts and theories which can be applied to the behavior of rivers
are extensive. However, in many instances only empirical relationships have been
developed and these are pertinent to specific problems only. Consequently, a more
basic theoretical understanding of flow in the river systems needs to be developed.

With respect to many aspects of river mechanics, it can be concluded that
knowledge is available to cope with the majority of river problems. On the other
hand, the number of individuals who are cognizant of existing theory and can apply
it successfully to the solution of river problems is limited. Particularly,the number of
individuals involved in the actual solution of applied river mechanics problems is
very small. There is a specific reason for this deficit of trained personnel.
Undergraduate engineering educators in the universities in the United States, and in
the world for that matter, devote only a small amount of time to teaching hydrology,
river mechanics, channel stabilization, fluvial geomorphology, and related problems.
It is not possible to obtain adequate training in these important topics except at the
graduate level, and only a limited number of universities and institutions offer the
required training in these subject areas. There is great need for adequately trained
people to cope with river problems.

1.6.2 Research Needs

As knowledge of river hydraulics is reviewed, it becomes quite obvious that many
things are not adequately known. Research needs are particularly urgent and
promise a rather quick return. Stabilization of rivers and bank stability of river
systems need further consideration. Also, the study of bed forms generated by the
interaction between the water and sediment in the river systems deserves further
study. The types of bed forms have been identified but theories pertaining to their
development are inadequate. Simple terms have been used to describe the
characteristics of alluvial material of both cohesive and non-cohesive types; a
comprehensive look at the characteristics of materials is warranted.



Other important research problems include the fluid mechanics of the motion of
particles, secondary currents, two-dimensional velocity distributions, fall velocity of
particles in turbulent flow and the application of remote sensing techniques to
hydrology and river mechanics. The physical modeling of rivers followed by
prototype verification, mathematical modeling of river response followed by field
verification, mathematical modeling of water and sediment yield from small
watersheds and studies of unsteady sediment transport are areas in which
significant advances can be made.

A primary research need is the collection of field data on the flow variables and
depth of scour at bridges, embankments and at river control structures. In addition,
laboratory studies are needed to improve the equations for estimating total scour at
piers and abutments. For example, laboratory studies to determine methods to
predict scour depths and widths at piers and abutments when pressure flow occurs
(pressure flow occurs when a bridge is over topped); methods to predict scour
depth and width when a footing or pilecap is exposed to the flow; the effect of debris
on scour depths and widths; the effect of angle of attack on a row of cylinders; the
design of structures placed ahead or around piers to decrease scour; to determine
the length of pier that is no longer a factor in the angle of attack, scour depth and
length of pier relations; the riprap size needed to protect piers or abutments as a
function of depth below the average streambed depth; the distribution of contraction
scour in the cross-section when a bridge is over or downstream of a stream bend
and abutment scour research with a more realistic flow distribution in the overbank
area. In abutment scour research we should use discharge in the overbank area
instead of approach abutment length.

Operational research on decision making, considering cost and risk criteria to
determine the hydrologic and hydraulic design of highway structures and project
alternatives, is another pressing research area. Insufficient data is frequently a
problem of river mechanics analysis. A comprehensive study on information theory
IS needed to cope with such difficulties.

Finally the results of these efforts must be presented in such a form that it can be
easily taught and easily put to practical use.

1.6.3 Training

It has been pointed out that engineering training is somewhat inadequate in relation
to understanding the developments of rivers. There is need to consider better ways
to train engineers to disseminate existing knowledge in this important area. The
training of individuals could be accomplished by conducting seminars, conferences
or short courses in institutions in the spirit of continuing education. There should be
an effort to improve the curriculum of university education made available to
engineers, particularly at the undergraduate level. At the very minimum such a
curriculum should strive to introduce concepts of fluvial geomorphology, river
hydraulics, erosion and sedimentation, environmental considerations and related



topics.

Manuals, handbooks and reference documents should be prepared for practicing
engineers in order to overcome the deficit of knowledge. Publications of material
pertaining to rivers should be encouraged. This material can be and is being
published to some degree in the proceedings of conferences, in journals and
textbooks. Better use of informative films and video tapes could be made, a
technique that would be of assistance in teaching effectively, efficiently and
economically. Similarly, television and video tapes can be economically prepared
and utilized in instructional situations. Television cameras are available that enable
the teacher to record and take field situations directly into the classroom for class
consideration.

Formal training should be supported with field trips and laboratory demonstrations.
Laboratory demonstrations are an inexpensive method of quickly and effectively
teaching the fundamentals of river mechanics and illustrating the behavior of
structures. These demonstrations should be followed by field trips to illustrate
similarities and differences between phenomena in the laboratory and in the field.

Finally, larger numbers of disciplines should be involved in the training programs.
Cooperative studies should involve research personnel, practicing engineers and
people from the many different disciplines with an interest in rivers.

Go to Chapter 2 (Part I)
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2.1 Introduction

In this chapter the fundamentals of rigid boundary open channel flow are described. In open channel flow, the water surface is not confined;
surface configuration, flow pattern and pressure distribution within the flow depend on gravity. In rigid boundary open channel flow, no
deformations of the bed and banks are considered. Mobile boundary hydraulics refers to flow which can generate deformation of the boundary
through scour and fill. Mobile boundary hydraulics will be discussed in later chapters. In this chapter, we restrict ourselves to a
one-dimensional analysis of rigid boundary open channel flow: velocity and acceleration are large only in one direction and are so small as to
be negligible in all other directions.

Open channel flow can be classified as: (1) uniform or nonuniform flow; (2) steady or unsteady flow; (3) laminar or turbulent flow; and (4)
tranquil or rapid flow. In uniform flow, the depth and discharge remain constant with respect to space. Also, the velocity at a given depth is the
same everywhere. In steady flow, no change occurs with respect to time at a given point. In laminar flow, the flow field can be characterized
by layers of fluid, one layer not mixing with adjacent ones. Turbulent flow on the other hand is characterized by random fluid motion. Tranquil
flow is distinguished from rapid flow by a dimensionless number called the Froude number, Fr. If Fr < 1, the flow is subcritical; if Fr > 1, the
flow is supercritical, and if Fr = 1, the flow is called critical.

Open channel flow can be nonuniform, unsteady, turbulent and rapid at the same time. Because the classifying characteristics are
independent, sixteen different types of flow can occur. These terms, uniform or nonuniform, steady or unsteady, laminar or turbulent, rapid or
tranquil, and the two dimensionless numbers (the Froude number and Reynolds number) are more fully explained in the following sections.

2.1.1 Definitions

Velocity: The velocity of a fluid particle is the time rate of displacement of the particle from one point to another. Velocity is a
vector quantity. That is, it has magnitude and direction. The mathematical representation of the fluid velocity is a function of the
increment of length ds during the infinitesimal time dt; thus,

ds
o T
dt

Streamline: An imaginary line within the flow which is everywhere tangent to the velocity vector is called a streamline.

(2.1.1)

Acceleration: Acceleration is the time rate of change in magnitude or direction of the velocity vector. Mathematically, acceleration



a is expressed by the total derivative of the velocity vector or

_dv
dt

The vector acceleration a has components both tangential and normal to the streamline, the tangential component embodying the
change in magnitude of the velocity, and the normal component reflecting the change in direction
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The first terms in Equation 2.1.3 and Equation 2.1.4 represent the change in velocity, both magnitude and direction, with time at a

given point. This is called the local acceleration. The second term in each equation is the change in velocity, both magnitude and
direction, with distance. This is called convective acceleration.

a (2.1.2)

(2.1.3)

Uniform flow: In uniform flow the convective acceleration terms are zero.

2
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Nonuniform flow: In nonuniform flow, the convective acceleration terms are different from zero.

2
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Flow around a bend (v2/r = 0) and flow in expansions or contractions ( Ovils= 0) are examples of nonuniform flow.

Steady flow: In steady flow, the velocity at a point does not change with time
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Unsteady flow: In unsteady flow, the velocity at a point varies with time
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Examples of unsteady flow are channel flows with waves, flood hydrographs, and surges. Unsteady flow is difficult to analyze
unless the time changes are small.

Laminar flow: In laminar flow, the mixing of the fluid and momentum transfer is by molecular activity.

Turbulent flow: In turbulent flow the mixing of the fluid and momentum transfer is related to random velocity fluctuations. The flow
is laminar or turbulent depending on the value of the Reynolds number (Re = pVL/j), which is a dimensionless ratio of the inertial
forces to the viscous forces. Here p and u are the density and dynamic viscosity of the fluid, V is the fluid velocity, and L is a
characteristic dimension, usually the depth (or the hydraulic radius) in open channel flow. In laminar flow, viscous forces are
dominant and Re is relatively small. In turbulent flow, Re is large; that is, inertial forces are very much greater than viscous forces.
Turbulent flows are predominant in nature. Laminar flow occurs very infrequently in open channel flow.

Tranquil flow: In open channel flow, the free surface configuration, in response to changes in channel geometry depends on the
Froude number (Fr = V/ "QL ), which is the ratio of inertial forces to gravitational forces. The Froude number is also the ratio of

the flow velocity v to the celerity (c = "QL ) of a small gravity wave in the flow (this concept is detailed in Section 2.4). When Fr <

1, the flow is subcritical (or tranquil), and surface waves propagate upstream as well as downstream. The boundary condition that
controls the tranquil flow depth is always located at the downstream end of the subcritical reach.

Rapid flow: When Fr > 1, the flow is supercritical (or rapid) and surface disturbances can propagate only in the downstream
direction. The control section of rapid flow depth is always at the upstream end of the rapid flow region. When Fr = 1.0, the flow is
critical and surface disturbances remain stationary in the flow.

2.2 Basic Principles




2.2.1 Introduction

The basic equations of flow in open channels are derived from the three conservation laws. These are: (1) the conservation of
mass; (2) the conservation of linear momentum; and (3) the conservation of energy. The conservation of mass is another way of
stating that (except for mass-energy interchange) matter can neither be created nor destroyed. The principle of conservation of
linear momentum is based on Newton's second law of motion which states that a mass (of fluid) accelerates in the direction of and
in proportion to the applied forces on the mass.

In the analysis of flow problems, much simplification can result if there is no acceleration of the flow or if the acceleration is
primarily in one direction, the accelerations in other directions being negligible. However, a very inaccurate analysis may occur if
one assumes accelerations are small or zero when in fact they are not. The concepts explained in this chapter assume
one-dimensional flow and the derivations of the equations utilize a control volume. A control volume is an isolated volume in the
body of the fluid, through which mass, momentum, and energy can be convected. The control volume may be assumed fixed in
space or moving with the fluid.

2.2.2 Conservation of Mass

Consider a short reach of river shown in Figure 2.2.1 as a control volume. The boundaries of the control volume are the upstream

cross-section, designated section 1, the downstream cross-section, designated section 2, the free surface of the water between
sections 1 and 2, and the interface between the water and the wetted perimeter (banks and bed).

The statement of the conservation of mass for this control volume is

Massflux | | Massflux | [Time rate of change
out of the - int o the + inmassinthe =0
_ccmtrol w::lume_ _cuntrul volume_ £ control volume i

Mass can enter or leave the control volume through any or all of the control volume surfaces. Rainfall would contribute mass
through the surface of the control volume and seepage passes through the interface between the water and the banks and bed. In
the absence of rainfall, evaporation, seepage and other lateral mass fluxes, mass enters the control volume at section 1 and
leaves at section 2.




Contral @
Vﬂluma\

Figure 2.2.1. A River Reach as a Control Volume

At section 2, the mass flux out of the control volume through the differential area dA, is p, v, dA,. The values of p, and v, can
vary from position to position across the width and throughout the depth of flow at section 2. The total mass flux out of the control
volume at section 2 is the integral of all p, v, dA, through the differential areas that make up the cross-section area A,, and may

be written as

Mass flux
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The statement of conservation of mass for the control volume calls for the time rate of change in mass. In mathematical notation,

Time rate of
change
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For the reach of river, the statement of the conservation of mass becomes
[ gaviidh ] ot 2o pdv=0 (2:2.1)
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It is often convenient to work with average conditions at a cross-section, so we define an average velocity V such that

1
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The symbol v represents the local velocity whereas the velocity V is the average velocity at the cross-section.

Because water is nearly incompressible the density p of the fluid is considered constant, p; = p, = p. When the flow is steady
¢
— [ pdv=0 (2.2.3)
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and Equation 2.2.1 reduces to the statement that inflow equals outflow or

PV2Az - pV1A; = 0
That is, for steady flow of incompressible fluids

VlAl = V2A2 = Q =VA (224)

where Q is the volume flow rate or the discharge.

Equation 2.2.4 is the familiar form of the conservation of mass equation for steady flow in rivers. It is applicable when the fluid
density is constant, the flow is steady and there is no significant lateral inflow or seepage.




2.2.3 Conservation of Linear Momentum

The curved reach of the river shown in Figure 2.2.1 is rather complex to analyze in terms of Newton's Second Law because of the
curvature in the flow. Therefore, as a starting point, the differential length of reach dx is isolated as a control volume.

e

Figure 2.2.2. The Control Volume for Conservation of Linear Momentum

For this control volume, shown in Figure 2.2.2, the pressure terms p; and p, are directed toward the control volume in a direction
normal to the sections 1 and 2. The shear stress 1, is exerted along the interface between the water and the wetted perimeter and
is acting in a direction opposite to the axis x. The statement of conservation of linear momentum is

out of the
controlvolume

The terms in the statement are vectors so we must be concerned with direction as well as magnitude.

| Flux of momentum |
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of momentum in

[ Sum of the forces |
acting on the fluid

the control volume

in the control volume

Consider the conservation of momentum in the direction of flow (the x-direction in Figure 2.2.2). At the outflow section (section 2),
the flux of momentum out of the control volume through the differential area dA, is

Povo dAy V)

Here p, v, dA, is the mass flux (mass per unit of time) and p,v, dA, v, is the momentum flux through the area dA,.



Flux of mometum
out of the = 'l-"'ﬂ‘-z pzvzdiﬂtz\fz
control volume

Similarly, at the inflow section (section 1),

Flux of mometum
into the = -I-A pﬂf*]d.iﬂtﬂf*]
control volume !

The amount of momentum in the control volume is J;*W oy so

Time rate of
change

s,
of mometum in the E {-I-‘qf pv d"u"'}

control volume

At the upstream section, the force acting on the differential area dA; of the control volume is p; dA; where p, is the pressure from

the upstream fluid on the differential area. The total force in the x-direction at section 1 is L [ dA 4 . Similarly, at section 2, the
1

total force is - ‘[% Po dA 5.

There is a fluid shear stress 1, acting along the interface between the water and the bed and banks. The shear on the control
volume is in a direction opposite to the direction of flow and results in a force -t,P dx where 1, is the average shear stress on the
interface area, P is the average wetted perimeter and dx is the length of the control volume. The term P dx is the interface area.

The body force component acting in the x-direction is denoted F;, and will be discussed in a subsequent section. The statement of
conservation of momentum in the x-direction for the control volume is

2 g 0 2
j{ﬂthgw2 dA —IA1P1V1 dA, +ajvpv dv = j%pq dA —jf%p2 dA, - [ 1P dx+F, @29

Again, as with the conservation of mass equation, it is convenient to use average velocities instead of point velocities. We define a

momentum coefficient 3 so that when average velocities are used instead of point velocities, the correct momentum flux is
considered.

The momentum coefficient for incompressible fluids is



B = 1 [, v?dA (2.2.6)

V2ZA

For steady incompressible flow, Equation 2.2.5 is combined with Equation 2.2.6 to give

2 2
pBEVEAE el pE’1V1 "ﬂ"1 = 'I-’&H p1dl'ﬂ't1 = 'I-’&*z pzdiﬂtg = -[LTDP dx +Fb (2.2.7)
The pressure force and shear force terms on the right-hand side of Equation 2.2.7 are usually abbreviated as ZF, so

EFX it .l-,ﬂ,t1 p1djﬂt1 = 'I-Az pgdiﬂtg = -[L ’EDP dx + Fl:l (2.2.8)

The conservation of momentum equation becomes
2 2
PRV AL — pB Vi A =2F, (2.2.9)

for steady flow with constant density. With Equation 2.2.4 the steady flow conservation of linear momentum equation takes on the
familiar form

pPQE,V, — BV )==F, (2.2.10)

2.2.4 Conservation of Energy

The First Law of Thermodynamics can be written

Q— W= dE (2.2.11)
dt

Where

P the rate at which heat is added to a fluid system
Wi = the rate at which a fluid system does work on its surroundings

E = the energy of the system

Then dE/dt is the rate of change of energy in the system.



The statement of conservation of energy for a control volume is then

Flux of energy Flux of energy Time rate of change | =
out ofthe |- int othe +| ofenergyinthe |=Q-W
controlvolume controlvolume controlvolume

The choice of a control volume is arbitrary. To illustrate the procedure the control volume is reduced to the size of a streamtube
connecting dA; and dA, as shown in Figure 2.2.3. The streamtube is bounded by streamlines through which no mass or
momentum enters.

Gantral
Yaluma

Figure 2.2.3. The Streamtube as a Control Volume

For steady flow of an incompressible fluid in the streamtube

Flux of energy
out of the = P2 €2 dAy V)
control volume



Flux of energy
into the = Py €1 dAg vy
control volume

and

Time rate of
change of energy = 0
lin the control volume

Here e is the energy per unit mass. Accordingly, the total energy E in a control volume is
E:hpemf (2.2.12)

Unless one is concerned with thermal pollution, evaporation losses, or problems concerning the formation of ice in rivers, the rate
at which heat is added to the control volume can be neglected; that is

é:ﬂ (2.2.13)
The work done by the fluid in the control volume on its surroundings can be in the form of pressure work W,,, shear work W, or
shaft work (mechanical work) Wg. For the streamtube shown in Figure 2.2.3, no shaft work is involved (W = 0).
The rate at which the fluid pressure does work on the control volume surrounding through the boundary dA; in Figure 2.2.3 is
- Py dA vy
and on boundary dA,, the rate of doing pressure work is
P2 dAy v,

At the other boundaries of the streamtube, there is no pressure work because there is no fluid motion normal to the boundary.
Hence, for the streamtube

W p = P2dA; V5 - py dA; vy (2.2.14)

Along the interior boundaries of the streamtube there is a shear stress resulting from the condition that the fluid velocity inside the
streamtube may not be the same as the velocity of the fluid surrounding the streamtube. The rate at which the fluid in the
streamtube does shear work on the control volume is

WT =1tP dxv (2.2.15)



where T is the average shear stress on the streamtube boundary, P is the average perimeter of the streamtube, dx is the length of

the streamtube and v is the fluid velocity at the streamtube boundary. The product P dx is the surface of the streamtube subjected
to shear stresses.

Then for steady flow in the streamtube, the statement of the conservation of energy in the streamtube shown in Figure 2.2.3. is

Po 92V2dA2 - P elvldAl = plvldAl = p2V2dA2 - TPv dx (2216)

The conservation of mass for steady flow in the streamtube is (according to Equation 2.2.4)

V2dA2 = VldAl = dQ (2217)

Now Eguation 2.2.16 reduces to

(P1 €1+ P1) dQ - (p2 €5 + pp) dQ = TPV dX (2.2.18)

The energy per unit mass e is the sum of the internal, kinetic and potential energies or

,U.E

where
u = the internal energy associated with the fluid temperature
v = the velocity of the mass fluid
g = the acceleration due to gravity
Z = the elevation above some arbitrary reference level.

This expression for e is substituted in Equation 2.2.18 to yield

2 i
u1+v_1+gz1&:u2+v_2+gzz P2 +’EP"Jd}( (2.2.20)
2 p 2 p pdQ

By dividing through by g and defining the head loss hf as follows

_Up -y tPvdx

h
iy pdQ

(2.2.21)



The energy equation for the streamtube becomes

2 2
vi P vy P
_1+_1+21:_2+_2+22+h£ (2.2.22)

29 ¥ 2g

If there is no shear stress on the streamtube boundary and if there is no change in internal energy (u; = u,), the energy equation
reduces to

Z i,
20 - g

which is the Bernoulli Equation.

2 47, =const, (2.2.23)
¥

Generally, there is not sufficient information available to do a differential streamtube analysis of a reach of river, so appropriate
changes must be made in the energy equation. A reach of river such as that shown in Figure 2.2.1 can be pictured as a bundle of

streamtubes. We know the statement of the conservation of energy for a streamtube. It is Equation 2.2.22 which can be written

. Yy,
V—1+&+21 v dA = 1|"'..—E+F:’—E+.EQ Vd:ﬂt+h£"ufd.ﬂt (2.2.24)
29 v 29 v

because v, dA; = v, dA, = vdA for the streamtube.

The common form of the energy equation used in open channel flow is derived by integrating Equation 2.2.24 over the
cross-section area

2 2 =

W oY £

I YR R e iy (2.2.25)
29 vy 29 ¥

Where a is the kinetic energy correction factor defined by the expression
1 3

e [, vodA (2.2.26)

V2A

to allow the use of average velocity V rather than point velocity v. The average pressure over the cross-section is P, defined as



p=—[,pvdA (2.2.27)

VA
The term - is the average elevation of the cross-section defined by the expression
VA J'A 2vdA (2.2.28)
and Q is the volume flow rate or the discharge. By definition
Q= IA vdA (2.2.29)
Also
HL 2 LIA h._.:_! vdA (2.2.30)
VA

In summary, the expression for conservation of enerqgy for steady flow in a reach of river is written

vy P ‘2 _‘12’“% +52
29 v 29 v

The tendency in river work is to neglect the energy correction factor even though its value may be as large as 1.5. Usually it is
assumed that the pressure is hydrostatic and the average elevation head Z is at the centroid of the cross-sectional area.

b
|
|

o (2.2.31)

However, it should be kept in mind that Equation 2.2.26, Equation 2.2.27 and Equation 2.2.28 are the correct definitions of the
terms in the energy equation. Appendix 2 has a solved example problem illustrating the calculation of a and (3 for a stream.

2.2.5 Hydrostatics

When the only forces acting on the fluid are pressure and fluid weight, the differential equation of motion in an arbitrary direction x
IS

P (2.2.32)
¥ g



In steady uniform flow (and for zero flow), the acceleration is zero and we obtain the equation of hydrostatics

P +z = Constant (2.2.33)

)]

However, when there is acceleration, the piezometric head varies in the flow field. That is, the piezometric head is not constant in
the flow. This is illustrated in Figure 2.2.4. In Figure 2.2.4a the pressure at the bed is hydrostatic and equal to yy, whereas in the

curvilinear flow (Figure 2.2.4b) the pressure is larger than yy, because of the acceleration resulting from a change in direction.
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Figure 2.2.4. Pressure Distribution in Steady Uniform and in Steady Nonuniform Flow

In general, when fluid acceleration is small (as in gradually varied flow) the pressure distribution is considered hydrostatic.
However, for rapidly varying flow where the streamlines are converging, expanding or have substantial curvature (curvilinear flow),
fluid accelerations are not small and the pressure distribution is not hydrostatic.

In Equation 2.2.33, the constant is equal to zero for gage pressure at the free surface of a liquid, and for flow with hydrostatic

pressure throughout (steady, uniform flow or gradually varied flow) it follows that the pressure head p/y is equal to the vertical
distance below the free surface. In sloping channels with steady uniform flow, the pressure head p/y at a depth y below the
surface is equal to

P - y COSO (2.2.34)

¥

Note that y is the depth (perpendicular to the water surface) to the point, as shown in Figure 2.2.5. For most channels, 0 is small
and cosf = 1.
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Figure 2.2.5. Pressure Distribution in Steady Uniform Flow on Steep Slopes

2.3 Steady Uniform Flow

In steady, uniform open channel flow there are no accelerations, streamlines are straight and parallel, and the pressure distribution is
hydrostatic. The slope of the water surface S, and the bed surface S, and the energy gradient S; are equal. Consider the unit width of

channel shown in Figure 2.3.1 as a control volume. According to Equation 2.2.31, the conservation of energy for this control volume is

ot S
GV g oV £
#4_&4_31 e b R P2 +2Z5 +H (2.2.31)
29 v Z




Figure 2.3.1. Steady Uniform Flow in a Unit Width Channel

The pressure at any point y below the surface is y cos8. Then according to Equation 2.2.27

P = —— I yycosBv, dy
V‘I

Assuming only small variations in the point velocity v with y we have

ﬁ,uyy1cnse

1=
2

Similarly,

_ __¥Y-COSH

Pe o

Also according to Equation 2.2.28

Y, COS0

21:214- 5



and

b cost
2

With the above expressions for [, P2, Z, and Z. the energy equation for this control volume reduces to

EEZZE

2 2
oV coso cost o,V cost coso
12 I Y1 7 Y1 2N I ¥ 25 4 ¥2 I

1 H, (2.3.1a)
2g 2 2 29 2
or
2 :
XV +y,C080+2; = ¥ +Y,0080+2, + H (2:3.1b)
| | 2 2+ HL
29 29

For most natural channels 6 is small and y cos@ = y. The velocity distribution in the vertical is normally a log function for which a; = a, = 1.
Then the energy equation becomes

Vi V3
— 4ty +2y =——+Y,+25+ H (2.3.1¢)
29 Y1t 2y 5 Y2 T 27 L

and the slopes of the bed, water surface and energy. grade line are respectively

S, :sinE‘l:% 2.3.2)

and



i +y 2 |- V2 Y, +2
AL AL

Steady uniform flow is an idealized concept for open channel flow and is difficult to obtain even in laboratory flumes. For many applications,
the flow is steady and the changes in width, depth or direction (resulting in nonuniform flow) are so small that the flow can be considered
uniform. In other cases, the changes occur over such a long distance the flow is a gradually varied flow.

Variables of interest for steady uniform flow are: (1) the mean velocity V; (2) the discharge Q; (3) the velocity distribution v(y) in the vertical;
(4) the head loss H, through the reach; and (5) the shear stress, both local t and at the bed t1,. These variables are interrelated.

2.3.1 Shear Stress and Velocity Distribution

Shear stress 1 is the internal fluid stress which resists deformation. The shear stress exists only when fluids are in motion. It is a
tangential stress in contrast to pressure, which is a normal stress.

The local shear stress at the interface between the boundary and the fluid can be determined quite easily if the boundary is
hydraulically smooth; that is, if the roughness at the boundary is submerged in a viscous sublayer as shown in Figure 2.3.2.

d!

Valocily Profile
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Figure 2.3.2. Hydraulically Smooth Boundary

Here, the thickness of the laminar sublayer is denoted &'. In laminar flow, the shear stress at the boundary is

T =il d_v aty=0 (2.3.5)

dy



The velocity gradient is evaluated at the boundary. The dynamic viscosity H is the proportionality constant relating boundary shear
and velocity gradient in the viscous sublayer.

When the boundary is hydraulically rough, the thickness of the laminar sublayer is very small compared to the roughness height.
The path of fluid particles in the vicinity of the boundary are shown in Figure 2.3.3.

Figure 2.3.3. Hydraulically Rough Boundary

The velocity at a point near the boundary fluctuates randomly about a mean value. The random fluctuation in velocity
characterizes turbulent flows. As shown in Figure 2.3.4a, the particle has a vertical component of velocity vy, as well as a

horizontal component v,,.
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Figure 2.3.4. Velocities in Turbulent Flow

The two components of velocity in Figure 2.3.4a can be written as

Vy = ¥+ Vy (2.3.6)



and

(2.3.7)

where EX and ‘~_"y are the time-averaged mean velocities in the x and y direction and v, and vy' are the fluctuating components.

Through theoretical investigation it has been found that turbulence generates shear stress given by

T=—pV,V, (2.3.8)

The term ., Ly I*f is the time-average of the product of v, and vy' at a point in the flow. It is called the Reynolds shear stress.

Prandtl (1925) suggested that v/, and v'y are related to the velocity gradient dv/dy shown in Figure 2.3.4b. He proposed to
characterize the turbulence with a dimension called the "mixing length," £ Accordingly,

‘u"x ~ fd—v (2.3.9)
- dv
v, ~ e (2.3.10)
dy
and
2
T ~pf? :‘"r_y (2.3.11)

If it is assumed that the mixing length can be represented by the product of a constant k and y (i.e. b= Ky), then for steady

uniform turbulent flow,

= pﬁiyi % (2.3.12)



Using different reasoning von Karman (1930) derived the same equation. Equation 2.3.12 can be rearranged to the form

T f
dv 0 P (2.3.13)
chy Ky
where K is the von Karman universal velocity coefficient. For rigid boundaries k has the average value of 0.4. The term 1, is the

bed shear stress. The term (1,/p)”2 has the dimensions of velocity and is called the shear velocity, V.. Integration of Equation
2.3.13 yields

¥ (2.3.14)

Here In is the logarithm to the base e and log is the logarithm to the base 10. The term y' results from evaluation of the constant of
integration assuming v = 0 at some distance y' above the bed.

The term y' depends on the flow and has been experimentally determined. The many experiments have resulted in characterizing
turbulent flow into three general types:

1. Hydraulically smooth boundary turbulent flow where the velocity distribution, mean velocity and resistance to flow are
independent of the boundary roughness of the bed but depend on fluid viscosity. Then with

11.6v 5
5'= findy'=
T_D . We TIn '}-" 10?
p

2. Hydraulically rough boundary turbulent flow where velocity distribution, mean velocity and resistance to flow are independent
of viscosity and depend entirely on the boundary roughness. For this case, y' = ks/30.2 where Kq is the height of the

roughness element.

3. Transition where the velocity distribution, mean velocity and resistance to flow depend on both fluid viscosity and boundary
roughness. Then

5 k.
107 30.2

As a result, the velocity distribution v, mean velocity V, and resistance to flow equations can be written in the following
dimensionless form




X X
Y _575l0g/30.22Y |=25In{3022Y | a1
Vw kg kS

and
V_C 575109122780 - 251n12.27 e St
V. o K. I

Note that any system of units can be used as long as y, and kg (and V, v and V.) have the same dimensions. The symbols of
Equation 2.3.15 and Equation 2.3.16 denote

X = a coefficient given in Figure 2.3.5
ks = the height of the roughness elements. For sand channels, K is the Dgg of the bed material

v = the local mean velocity at depth y

Yo = the depth of flow

V = the depth-averaged velocity

WORS
V. = the shear velocity f'f,] /o which for steady uniform flow is J J

T, = the shear stress at the boundary and for steady uniform flow 1, = YRS;

R = the hydraulic radius, equal to the cross-sectional area A divided by the wetted perimeter P

S; = the slope of the energy gradeline

®' = the thickness of the viscous sublayer

&8=116uv/V- (2.3.17)

e \E = the Chezy discharge coefficient in the equation

12
V=CyRSorC= [?] (2.3.18)



f = the Darcy-Weisbach resistance coefficient which is given by the expression

=R (2.3.19)
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Figure 2.3.5. Einstein's Multiplication Factor X in the Logarithmic Velocity Equations (Einstein, 1950)

2.3.2 Empirical Velocity Equations

Because of the difficulties involved in determining the shear stress and hence the velocity distribution in turbulent flows, the
empirical approach to determine mean velocities in rivers has been prevalent. Two such empirical equations are in common use.
They are Manning's equation

V= ﬂﬁz’r3 SFE (2.3.20a)

n

and Chezy's equation



v=CR"? g}/? (2.3.20b)

where
V = the average velocity in the waterway cross-section in ft/s
n = Manning's roughness coefficient
R = the hydraulic radius in feet equal to the cross-sectional area A divided by the wetted perimeter P of the waterway

St = the friction slope

C = Chezy's discharge coefficient known as Chezy's C.

In these equations, the boundary shear stress is expressed implicitly in the roughness coefficient "n", or in the discharge
coefficient C. By equating the velocity determined from Manning's equation with the velocity determined from Chezy's equation,
the relation between the coefficients is

= ﬂ R1/B (2.3.21)

n

If the flow is gradually varied, Manning's and Chezy's equations are used with the average friction slope 5. . Theterm S; s
due due

determined by averaging over a short time increment at a station or over a short length increment (1000 feet for example) at an
instant of time, or both.

Over many decades, a catalog of values of Manning's n and Chezy's C has been assembled so that an engineer can estimate the
appropriate value by knowing the general nature of the channel boundaries. An abbreviated list of Manning's roughness
coefficients is given in Table 2.3.1. Additional values are given by Barnes (1967) and V. T. Chow (1959) for dredged and lined

channels. Manning's n for sandbed and gravel-bed channels is discussed in detail in Chapter 3.

The general approach for estimating n values consists of the selection of a base roughness value for a straight, uniform, smooth
channel in the materials involved, then additive values are considered for the channel under consideration

n=(ng+nNy+n,+n3+n, Mg (2.3.22)

in which
Ny = base value for straight uniform channels
n; = additive value due to cross-section irregularity

n, = additive value due to variations of the channel



nz = additive value due to obstructions
n, = additive value due to vegetation
msg = multiplication factor due to sinuosity

Detailed values of the coefficients are found in Cowan (1956), Chow (1964), Benson and Dalrymple (1967) and Aldridge and
Garrett (1973). Typical values are given in Table 2.3.2. Arcement and Schneider (1984) proposed a guide for selecting Manning's

roughness coefficients for flood plains. For steeper streams, the reader is also referred to the work of Jarrett (1985).

Rigid Boundary Channels

Very smooth concrete and planed timber 0.011
Smooth concrete 0.012
Ordinary concrete lining 0.013
Wood 0.014
Vitrified clay 0.015
Shot concrete, untrowelled, and earth channels in best condition 0.017
Straight unlined earth canals in good condition 0.020
Mountain streams with rocky beds 0.040 - 0.050

Minor Streams (top width at flood stage < 100 ft)

Streams on Plain

1. Clean, straight, full stage, no rifts or deep pools 0.025 - 0.033
2. Same as above, but more stones and weeds 0.030 - 0.040
3. Clean, winding, some pools and shoals 0.033 - 0.045
4. Same as above, but some weeds and stones 0.035-0.050
5. Same as above, lower stages, more ineffective slopes and sections 0.040 - 0.055
6. Same as 4, but more stones 0.045 - 0.060
7. Sluggish reaches, weedy, deep pools 0.050 - 0.080
8. Very weedy reaches, deep pools, or floodways with heavy stand of timber and underbush 0.075-0.150




Mountain Streams, no vegetation in channel, banks usually steep, trees and brush along banks submerged at
high stages

1. Bottom: gravels, cobbles and few boulders 0.030 - 0.050

2. Bottom: cobbles with large boulders 0.040 - 0.070

Flood Plains

Pasture, No Brush

1. Short Grass 0.025 - 0.035
2. High Grass 0.030 - 0.050
Cultivated Areas
1. No Crop 0.020 - 0.040
2. Mature Row Crops 0.025 - 0.045
3. Mature Field Crops 0.030 - 0.050
Brush
1. Scattered brush, heavy weeds 0.035-0.070
2. Light brush and trees in winter 0.035 - 0.060
3. Light brush and trees in summer 0.040 - 0.080
4. Medium to dense brush in winter 0.045-0.110
|5. Medium to dense brush in summer 0.070 - 0.160
Trees
|1. Dense willows, summer, straight 0.110 - 0.200
|2. Cleared land with tree stumps, no sprouts 0.030 - 0.050
|3. Same as above, but with heavy growth of sprouts 0.050 - 0.080
|4. Heavy stand of timber, a few down trees, little undergrowth, flood stage below branches 0.080 - 0.120
|5. Same as above, but with flood stage reaching branches 0.100 - 0.160

Major Streams (Top width at flood stage > 100 ft). The n value is less than that for minor streams of similar

description, because banks offer less effective resistance.




IReguIar section with no boulders or brush 0.025 - 0.060

|Irregu|ar and rough section 0.035 - 0.100
Tranquil flow, Fr<1
plane bed 0.014 - 0.020
ripples 0.018 - 0.030
dunes 0.020 - 0.040
washed out dunes or transition 0.014 - 0.025
plane bed 0.010-0.013
Rapid Flow, Fr > 1
standing waves 0.010 - 0.015
antidunes 0.012 - 0.020

1 Datais limited to sand channels with Dsg < 1.0 mm, details to be discussed in Chapter 3.

Cross-Section Irregularity

Conditions Remarks

Cross-section |n1 [Smooth 0 Smoothest Channel

Irregul arity Minor 0.001 - 0.005 |Slightly Eroded Side Slopes
Moderate 0.006 - 0.010 [Moderately Rough Bed and Banks
Severe 0.011 - 0.020 (Badly Sloughed & Scalloped Banks

Variations In Channel Section

Conditions REINETES
0

Gradual Gradual Changes
Alternating Occasionally 0.001 - 0.005 [Occasional Shifts From Large to Small
Alternating Frequently 0.010 - 0.015 [Sections

Frequent Changes In Cross-Sectional shape

Variationsin |n;
Channdl
Section

Obstructions

Conditions RENEES




Obstructions [n3 |Negligible 0-0.004 |Obstructions < 5% of Cross-Section Area

Minor 0.005 - 0.015 |Obstructions < 15% of Cross-Section Area
Moderate 0.020 - 0.030 |Obstructions 15 - 50% of Cross-Section Area
Severe 0.040 - 0.060 |Obstructions > 50% of Cross-Section Area

Vegetation

Vegetation n, (Small 0.002 - 0.010 |Flow Depth > 2 x < Vegetation Height
Medium 0.010 - 0.025 [Flow Depth < Vegetation Height
Large 0.025 - 0.050 |Flow Depth > Vegetation Height
Very Large 0.050 - 0.100 [Flow Depth < 0.5 Vegetation Height

Sinuosity

Sinuosity ms (Minor 1.00 Sinuosity < 1.2
Moderate 1.15 1.2 < Sinuosity < 1.5
Severe 1.30 Sinuosity > 1.5

The roughness characteristics on the floodplain are complicated by the presence of vegetation, natural and artificial irregularities,
buildings, undefined direction of flow, varying slopes and other complexities. Resistance factors reflecting these effects must be
selected largely on the basis of past experience with similar conditions. In general, resistance to flow is large on the floodplains. In
some instances, conditions are further complicated by deposition of sediment and development of dunes and bars which affect
resistance to flow and direction of flow.

The presence of ice affects channel roughness and resistance to flow in various ways. When an ice cover occurs, the open
channel is more nearly comparable to a closed conduit. There is an added shear stress developed between the flowing water and
the ice cover. This surface shear is much larger than the normal shear stresses developed at the air-water interface. The ice-water
interface is not always smooth. In many instances, the underside of the ice is deformed so that it resembles ripples or dunes
observed on the bed of sandbed channels. This may cause overall resistance to flow in the channel to be further increased.

With total or partial ice cover, the drag of ice retards flow, decreasing the average velocity and increasing the depth. Another
serious effect is its influence on bank stability, in and near water structures such as docks, loading ramps, and ships. For example,
the ice layer may freeze into bank stabilization materials, and when the ice breaks up, large quantities of rock and other material
embedded in the ice may be floated downstream and subsequently thawed loose and dumped randomly leaving banks raw and
unprotected.

2.3.3 Average Boundary Shear Stress

The shear stress at the boundary 1, for steady uniform flow is determined by applying the conservation of mass and momentum
principles to the control volume shown in Figure 2.3.6.

The conservation of mass Equation 2.2.4 is then




PY WV5 - py,WV, =0 (2.3.23a)

or

V1=V, (2.3.23b)
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Figure 2.3.6. Control Volume for Steady Uniform Flow

The conservation of momentum in the downstream direction is described from Equation 2.2.9 with A; = A, = Wy, and V, = V,.
The pressure forces acting on the control boundary are approximated by

g,
Y, W (2.3.24)

F1:F2: 2

The downstream component of the body force yAL (equal to the weight of fluid in the control volume) in the X direction is

Fr = YAL sin@ (2.3.25)

where 6 is the slope angle of the channel bed. The average boundary shear stress is 1, acting on the wetted perimeter P. The
shear force Fq in the x-direction is

|:S = ToPL (2.3.26)



With the above expressions for the components, the statement of conservation of linear momentum becomes

2 2
0B Wy V2 - 08 Wy V2 = yAL sind + W;W - ’”’;W el (2.3.27)
which reduces to
A .
Ty = TESIHE} (2.3.28)

The term A/P is the hydraulic radius R. If the channel slope angle is small,

Sin = S, (2.3.29)

and for steady uniform flow the average shear stress on the boundary is

T, = YRS, (2.3.30)

If the flow is gradually varied nonuniform flow, the average boundary shear stress is
To = YRSt (2.3.31)

where S; is the slope of the energy grade line.

2.3.4 Energy and Momentum Coefficients for Rivers

In open channel flow problems it is common to assume that the energy coefficient a and the momentum coefficient 3 are unity.
What are values of a and {3 for river channels?

From Eqguation 2.2.26 and Equation 2.2.6

o= e, [, vidA (2.2.26)

VEA

and



B= 1 AV 2dA, (2.2.6)

VZA

The velocity distribution in wide channels for turbulent flow over a rough boundary is given by Equation 2.3.15 with X = 1.0

Y —25In(302y/k,.) (2.3.15)

&

The average velocity in the vertical is

1 7¥ 2.5V. ¥
e _IDD v dy = —IJ.,FF' Infy /y')dy (2.3.32)
¥ Yo ¥
Here, the upper limit of integration is y,, the depth of flow and the lower limit is
y'= %
30.2
the value of y for which Equation 2.3.15 gives a zero velocity. The integration of Equation 2.3.32 yields
N g Yo In[y”. ]—1 (2.3.33)
m Yo—¥ I LY

For a vertical section of unit width, the momentum coefficient 3 ' is

: 1
s

If we substitute Equation 2.3.15 and Equation 2.3.33 into Equation 2.3.34 and integrate, the result is the expression

(2.3.34)
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Similarly, the energy coefficient for a vertical section unit width is

o = 2 g N chy (2.3.36)
Ug(yu_y) y
or
3 2 |
o = ] 2[ 2 ] [m”f_'?] —3|n[”f_'?] +6|n[y—?]—6+6—y
[ y] oy JIU v y y Yo (2.3:37)
n 111172

These equations (Equation 2.3.35 and Equation 2.3.37) are rather complex, so a graph of a' and ' vs. y,/kg has been prepared.
The relations are shown in Figure 2.3.7.

For the entire river cross-section (shown in Figure 2.3.8) Equation 2.2.26 can be written
1
o= —E[IE“ IE” vady dw}
Q
— | A
A

where W is the top width of the section, w is the lateral location of any vertical section, y, is the depth of flow at location w, and v is
the local velocity at the position, y, w. The total discharge is Q and the total cross-sectional area is A.

(2.3.38)
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Figure 2.3.7. Energy and Momentum Coefficients for a Unit Width of River

Figure 2.3.8. The River Cross-Section



The term in brackets in Equation 2.3.38 can be written

_[3,0 v Edy — o'V G’D 7 Bf') (2.3.39)

Here o' is the energy coefficient for the vertical section dw wide and y, deep, V is the depth-averaged velocity in this vertical
section and y' = kg/30.2.

Now, Equation 2.3.38 can be written

A’ jw A .
o = E ol o'V (v, -y idw (2.3.40)
Except for cases of low flow in gravel bed rivers, the term y' is very small compared to y, so
A° Tw i3
o= —-[D o V- y, dw (2.3.41)
QS

The discharge at a river cross-section is determined in the field by measuring the local depth and two local velocities at each of
approximately 20 vertical sections. In accordance with this general stream gaging procedure, Equation 2.3.41 should be written

A’ s
S Z‘livi Yoi AW
Q |
or
2
m:A_ Zﬁ’i V2 AQ, (2.3.42)

Here, the subscript i refers to the i-th vertical section, and AQ; is the river discharge associated with the i-th vertical or
AQ; = Viy,Aw,

In a similar manner, the expression for (3 is



A
"’
Now, with Equations 2.3.42 and Equation 2.3.43, and Figure 2.3.7 we are in a position to compute a and 3 for any river

cross-section given the discharge measurement notes. A calculation example is presented in Appendix 2 (Problem 2.1). It is
important to recognize that for river flows over floodplains, the correction factors a and 3 can be significantly larger than a' and ('.

[ BV AQ (2.3.43)
|

2.4 Unsteady Flow

Unsteady flows of interest to the designer of waterway crossings and encroachments are: (1) waves resulting from disturbances of the water
surface by wind and boats; (2) waves resulting from the surface instability that exists for flows with Froude numbers close to 1.0; (3) waves
resulting from flow disturbance due to change in direction of flow with Froude numbers greater than about 2.0; (4) surges or bores resulting
from sudden increase or decrease in the flow by opening or closing of gates or the movement of tides on coastal streams; (5) standing waves
and antidunes that occur in alluvial channel flow; and (6) flood waves resulting from the progressive movement downstream of stream runoff

or gradual release from reservoirs.

Waves are an important consideration in bridge hydraulics when designing slope protection of embankments and dikes, and channel
improvements. In the following paragraphs, only the basic one-dimensional analysis of waves and surges is presented. Other aspects of

waves are presented in other sections.

2.4.1 Gravity Waves

The general equation for the celerity ¢ (velocity of the water relative to the velocity of flow) of a small amplitude gravity wave (a,
<< A)is

172
(2.4.1)

G g—'?'Lt‘amh 2TYq
27 A

where the terms are defined in Figure 2.4.1.
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Figure 2.4.1. Definition Sketch for Small Amplitude Waves

For deep water waves (short waves) defined as

Yo _ 1

o 2

the celerity relationship (Equation 2.4.1) reduces to

172
gi
(el (2.4.2)
{2?1}

For shallow water waves (long waves)

Yo 1
F e 2 A (2.4.3)
% 20

Then Equation 2.4.1 gives

C = gy, (2.4.4)

The time of travel of one water crest to another at a given point is called the period T and can be defined from the celerity and
wave length

e b (2.4.5)

In Equation 2.4.2, the celerity is independent of depth and depends on gravity g and wave length A. This is the celerity of ocean
waves. In Equation 2.4.4, the celerity is a function of gravity and depth which describes small amplitude waves in open channels.




These two equations apply only to small amplitude waves; that is ay/A << 1.

The celerity of finite amplitude shallow water waves has been determined both analytically using Bernoulli's equation and
experimentally, and is given by the expression

112
2
C— (v, +2a,) (2.4.6a)
d¥s
(yu T dg )YD
When 2a, is small in comparison to y,
24 142
Cesidds o ay, (2.4.6Db)

Generally as 2a,/ly, approaches unity the crest develops a sharp peak and breaks.

In the above equations, c is measured relative to the fluid. If the wave is moving opposite to the flow then, when ¢ >V, the waves
move upstream; when ¢ =V, the wave is stationary; and when c < V, the wave moves downstream. When V = ¢ for small
amplitude flow,

V=e= M (2.4.7)

Thus, the ratio of the flow velocity to the celerity of a shallow water wave of small amplitude defines the Froude number

W
Fr=——u (2.4.8)

gys

When Fr < 1 (subcritical or tranquil), a small amplitude wave moves upstream. When Fr > 1 (supercritical or rapid flow), a small
amplitude wave moves downstream and when Fr = 1 (critical flow), a small amplitude wave is stationary. The fact that waves or
surges cannot move upstream when the Froude number is equal to or greater than 1.0 is important to remember when
determining when the stage-discharge relation at a cross-section can be affected by downstream conditions.

2.4.2 Surges

A surge is a rapid increase in the depth of flow. A surge may result from sudden release of water from a dam, or from an incoming
tide. If the ratio of wave height 2a, to the depth y, is less than unity, the surge has an undulating wave form. If 2a,/y, is greater

than one, the first wave breaks and produces a discontinuous surface. The breaking wave dissipates energy and the previous



equations for wave celerity are invalid. However, by applying the momentum and continuity equations for a control volume
encompassing the surge shown in Figure 2.4.2a, the equation for the celerity of a surge can be derived as

102
1ys (¥
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Figure 2.4.2. Sketch of Positive and Negative Surges

Equation 2.4.9 gives the velocity of a surge as it moves upstream as the result of a sudden total or partial closure of gates, or of

an incoming tide, or of a surge that moves downstream as the result of a sudden opening of a gate. The lifting of a gate in a
channel sketched in Figure 2.4.2b not only causes a positive surge to move downstream, it also causes a negative surge to move

upstream. Equation 2.4.9 is approximately correct for the celerity of the negative surge if the height of the surge is small compared
to the depth. As it moves upstream a negative surge quickly flattens out.

2.4.3 Hydraulic Jump

When the flow velocity V, is rapid or supercritical the surge dissipates energy through a moving hydraulic jump. When V, equals
the celerity c of the surge the jump is stationary and Equation 2.4.9 is the equation for a hydraulic jump. Equation 2.4.9 can be
rearranged to the form

172
Vi = FF = 13!_2 y'_2+1 (2.4.10a)

Jav, 2¥1 Y

or



1
¥ o % (1 + 8F rﬁ )/2 = (2.4.10b)
Y1

The corresponding energy loss in a hydraulic jump is the difference between the two specific energies. It can be shown that this
head loss is

3
h, = M (2.4.11)
4y1yo

Equation 2.4.11 has been experimentally verified along with the dependence of the jump length L; and energy dissipation (head
loss h;) on the Froude number of the approaching flow. The results of these experiments are given in Figure 2.4.3.

When the Froude number for rapid flow is less than two, an undulating jump with large surface waves is produced. The waves are
propagated for a considerable distance downstream. In addition, when the Froude number of the approaching flow is less than
three, the energy dissipation of the jump is not large and jets of high velocity flow can exist for some distance downstream of the
jump. These waves and jets can cause erosion a considerable distance downstream of the jump. For larger values of the Froude
number, the rate of energy dissipation in the jump is very large and Figure 2.4.3 is recommended.




25 r—— 50

v R

Raciomation {ofa

20
Y, } /
h
15 / 30 L
/ g

10 20

0

}’21’}'1 & Ljfyz

s

K
0 L 10 15 20

Frl

\

Figure 2.4.3. Hydraulic Jump Characteristics as a Function of the Upstream Froude Number

2.4.4 Roll Waves

Under certain conditions on steep slopes, surges of an intermittent nature may occur which are called roll waves or slug flow, see
Figure 2.4.4. Such flow is not at all uncommon with harmless thin sheets of flow on sloping sidewalks, for example. When these
roll waves occur in large open channels, however, they may cause considerable damage, or force the operation of the channel at
inefficient discharges in order to prevent damage.
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Figure 2.4.4. Roll Waves or Slug Flow

Roll waves consist of waves superposed over the normal flow in an open channel. They travel at velocities greater than the normal
flow and grow in size as they progress downstream.

There is no simple criterion for determining the size of roll waves, since their size depends upon the magnitude of the discharge,
the type of flow (laminar or turbulent), the roughness and slope of the channel, the length of the channel, and the nature and
frequency of the initial disturbances which cause the waves to form. However, a necessary condition required to generate
instability of the free surface and induce the formation of roll waves in turbulent flows when Chezy's equation is applicable is

V
Fr= = 2 (2.4.12a)
gy,
which can be expressed in alternate form for a wide channel as
Sz -4i (2.4.12b)
C 2

for turbulent flow with a rough boundary in which y, is the normal depth, S is the slope of the channel, and C is the Chezy
discharge coefficient.

When the flow in a wide channel is turbulent with a smooth boundary, roll waves can form if

Fr=15 (2.4.13a)

S=2259 (5 4150]



and when the flow in a wide channel is laminar, roll waves can form if

Fr =0.59 (2.4.14)

These conditions indicate that, for turbulent flow in a wide channel with a rough boundary, roll waves can occur when the flow
velocity is greater than twice the celerity of a wave (that is, the Froude number is greater than 2), or when the slope is four times
as great as the slope required for critical depth. They can also form for turbulent flow in a wide channel with a smooth boundary if
the velocity of flow is greater than 1.5 times the celerity of a wave, or the slope is 2.25 times the slope required for critical depth.
By way of contrast, roll waves can form in laminar flow in a wide channel if the velocity is half the celerity of a gravity wave; in
other words, the flow may never pass through critical flow (Fr = 1.0).

Go to Chapter 2 (Part 1)
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2.5 Steady Rapidly Varying Flow

2.5.1 Introduction

Steady flow through relatively short transitions where the flow is uniform before and after the
transition can be analyzed using the Bernoulli equation. Energy loss due to friction may be
neglected, at least as a first approximation. Refinement of the analysis can be made in a second
step by including friction loss. For example, the water surface elevation through a transition is
determined using the Bernoulli equation and then modified by determining the friction loss effects
on velocity and depth in short reaches through the transition. Energy losses resulting from flow
separation cannot be neglected, and transitions where separation may occur need special
treatment which may include model studies. Contracting flows (converging streamlines) are less
susceptible to separation than for expanding flows. Also, any time a transition changes velocity
and depth such that the Froude number approaches unity, problems such as waves, blockage, or
choking of the flow may occur. If the approaching flow is supercritical, a hydraulic jump may result.
Transitions for supercritical flow are discussed in Section 2.6.5.

Transitions are used to contract or expand a channel width (Figure 2.5.1a); to increase or
decrease bottom elevation (Figure 2.5.1b); or to change both the width and bottom elevation. The
first step in the analysis is to use the Bernoulli equation (neglecting any head loss resulting from
friction or separation) to determine the depth and velocity changes of the flow through the
transition. Further refinement depends on importance of freeboard, whether flow is supercritical or
approaching critical conditions.




(a) Width contraction (b) Bed rise

Figure 2.5.1. Transitions in Open Channel Flow

The Bernoulli equation for flow in Figure 2.5.1b is

VE 2
_1_|_'5r1 :_24_3:2 + AZ (2.5.1)
29 29
or
Hi=H, +Az (2.5.2)
where
2
H= V_ +y (2.5.3)
29

The term H is called the specific head, and is the height of the total head above the channel bed.

2.5.2 Specific Head Diagram

For simplicity, the following specific head analysis is done on a unit width of channel so that
Equation 2.5.3 becomes

qE
H= ; +y (2.5.4)
29y
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Figure 2.5.2. Specific Head Diagram

For a given ¢, Equation 2.5.4 can be solved for various values of H and y. When y is plotted as a
function of H, Figure 2.5.2 is obtained. There are two possible depths called alternate depths for

any H larger than a specific minimum. Thus, for specific head larger than the minimum, the flow
may have a large depth with small velocity or small depth with large velocity. Flow cannot occur
with specific energy less than the minimum. The single depth of flow at the minimum specific head
is called the critical depth y. and the corresponding velocity, the critical velocity V. = g/y.. To

determine y,. the derivative of H with respect to y is set equal to 0.

"
ﬁﬂ_q_azu (2.5.5)
dy gy
and
1
q= (gyﬁ )ﬁ (2.5.6)
or
114
2 2
9 = Hisrsr 4 Ve (2.5.7)
g 29
Note that
V,:E =¥.g (2.5.8)
or
W
Bt (2.5.9)
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i =Fr (2.5.10)
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Thus, flow at minimum specific energy has a Froude number equal to one. Flows with velocities
larger than critical (Fr > 1) are called rapid or supercritical and flow with velocities smaller than
critical (Fr < 1) are called tranquil or subcritical. These flow conditions are illustrated in Figure
2.5.3, where a rise in the bed causes a decrease in depth when the flow is tranquil and an
increase in depth when the flow is rapid. Furthermore there is a maximum rise in the bed for a
given Hq where the given rate of flow is physically possible. If the rise in the bed is increased
beyond Az, for Huin then the approaching flow depth y; would have to increase (increasing H)
or the flow would have to be decreased. Thus, for a given flow in a channel, a rise in the bed level
can occur up to a Az, Without causing backwater.

Figure 2.5.3. Changes in Water Surface Resulting from an Increase in Bed Elevation

2.5.3 Discharge Diagram

For a constant H, Equation 2.5.4 can be solved for y as a function of g. By plotting y as a function
of g, Figure 2.5.4 is obtained and for any discharge smaller than a specific maximum, two depths
of flow are possible.
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Figure 2.5.4. Specific Discharge Diagram

To determine the value of y for g,,,x Equation 2.5.4 is rearranged to obtain

(= y,,ﬂZgih_yi (2.5.12)

The differential with respect to y is set equal to zero.

dq _,_9q (@H-3y)

et = (2.5.13)
d'y’ 2 G_I o '3!’)”2
from which
2., 2V¢
=—"H-= C (2.5.14)
yl: 3 2g
or
Vo = oy, (2.5.15)

Thus for maximum discharge at constant H, the Froude number is 1.0, and the flow is critical.
From this

9 AN 2 Teidi
ycng: Al (2.5.16)

24 g

For critical conditions, the Froude number is 1.0, the discharge is a maximum for a given specific
head and the specific head is a minimum for a given discharge.

Flow conditions for constant specific head for a width contraction are illustrated in Figure 2.5.5
assuming no geometrical effects such as eccentricity, skew, piers, scour and expansion. The
contraction causes a decrease in flow depth when the flow is tranquil and an increase when the
flow is rapid. The maximum possible contraction without causing backwater effects occurs when
the Froude number is one, the discharge per foot of width ¢ is a maximum, and y. is 2H/3. A



further decrease in width will cause backwater. That is, an increase in depth upstream will occur
to produce a larger specific energy and increase Yy, in order to get the flow through the decreased

width.

H

Figure 2.5.5. Change in Water Surface Elevation Resulting from a Change in Width

The flow in Figure 2.5.5 can go from point A to C and then either back to D or down to E

depending on the downstream boundary conditions. An increase in slope of the bed downstream
from C and no separation would allow the flow to follow the line A to C to E. Similarly the flow can
go from B to C and back to E or up to D depending on boundary conditions. Figure 2.5.5 is drawn

with the side boundary forming a smooth streamline. If the contraction were due to bridge
abutments, the upstream flow would follow a natural streamline to a vena contracta, but then
downstream, the flow would probably separate. Tranquil approach flow could follow line A-C but
the downstream flow probably would not follow either line C-D or C-E but would have an
undulating hydraulic jump. There would be interaction of the flow in the separation zone and
considerable energy would be lost. If the slope downstream of the abutments was the same as
upstream, then the flow could not be sustained with this amount of energy loss. Backwater would
occur, increasing the depth in the constriction and upstream, until the flow could go through the
constriction and establish uniform flow downstream.

2.6 Flow in Bends and Transitions

2.6.1 Types of Bends

Two principal types of bends are deepened or entrenched bends and meandering surface bends.
The first type includes those in which the river bends follow the curves of the valley so that each
river bend includes a promontory of the parent plateau. The second type includes bends which
are formed only by the river on a flat, alluvium covered valley floor, and where the slopes of the




valley are not involved in the formations of such bends. This division of bends is correct and
sufficiently definite with respect to external forms of the relief and the process of formation and
development of bends. It is, however, incomplete from the standpoint of the work of the river and
of the physical nature of this phenomenon. Both of the morphological types of bends can be put
into one category--the category of freely meandering channels, i.e., meandering determined only
by the interaction of the stream and the bed material. Such meandering, not disturbed by the
influence of external factors, proceeds at an approximately equal rate along the length of the river.

Under natural conditions, a third type of bend is often encountered. This bend occurs when the
stream impinging on a practically non-eroding parent bank forms a forced curve which is gradually
transformed into a river bend of a more constricted shape. In all cases, the effect of the character
(density) of the bank material is important and, to a certain degree, determines the radius of
curvature of the channel in a free bend. The radius of curvature increases with the density of the
material. Considering both the action of the stream and the interaction between the stream and
the channel, as well as the general laws of their formation, one can distinguish the following three
types of bends of a natural river channel:

1. Free bends - Both banks are composed of alluvial floodplain material which is usually quite
mobile; the free bend corresponds to the common concept of a surface bend;

2. Limited bends - The banks of the stream are composed of consolidated parent material
which limits the lateral erosion by the stream. Limited bends are entrenched bends; and

3. Forced bends - The stream impinges onto an almost straight parent bank at a large angle
(60° to 90°).

A typical feature of bends is a close relationship between the type of stream bend and the radius
of curvature. The forced bend has the smallest radius of curvature. Next in size are the radii of
free bends. The limited bends have the greatest radii. The average values of the ratios of the radii
of curvature to the width of the stream at bankfull stage for the three types of bends are: (1) Free
Bends 4.5 to 5.0; (2) Limited Bends 7.0 to 8.0; and (3) Forced Bends 2.5 to 3.0.

A second characteristic feature of bends is the distribution of depths along the length of the bend.
In free bends and limited bends, the depth gradually increases and the maximum depth is found
some distance below the apex of the bend. In the forced bend, the depth sharply increases at the
beginning of the bend and then gradually diminishes. In forced bends the greatest depth is located
in the middle third of the bend, where there appears to be a concentrated deep scour.

2.6.2 Velocity Distribution in Bends

The transverse velocities in bends result from an imbalance of radial pressures on a particle of
fluid traveling around the bend. In Figure 2.6.1, a cross section through a typical bend is shown.

The radial forces acting on the shaded control volume are the centrifugal force mv2/r in which r is
the radius of curvature and the differential hydrostatic force ydz caused by the superelevation of
the water surface dz. As shown in Figure 2.6.1a, the centrifugal force is greater near the surface
where the fluid velocity v is greater and less at the bed where v is small. The differential
hydrostatic force is uniform throughout the depth of the control volume. As shown in Figure 2.6.1b,

the sum of the centrifugal and excess hydrostatic forces varies with depth and can cause a lateral
velocity component. The magnitude of the transverse velocity is dependent on the radius of
curvature and on the proximity of the banks. In the immediate vicinity of the banks, there can be
no lateral velocity if the river is narrow and deep, and this bank constraint to the transverse
velocity field is felt throughout the cross section.




Figure 2.6.1. Schematic Representation of Transverse Currents in a Channel Bed

Several studies have been made of the transverse velocity field in the cross section of an open
channel. The equation for transverse velocity developed by Rozovskii (1957) is

1 ¥ vY
£, \/ F s F 6.
Vp = — : (m) c 5 (M) (2.6.1)

in which
v, = the lateral (radial) velocity corresponding to a flow depth y
V = the average longitudinal velocity
C = the Chezy coefficient
N = Y/Ymax = the relative depth
K = the von Karman velocity coefficient
r = radius of curvature

The functions F;(n) and F,(n) can be determined from Figure 2.6.2



1.0 i e }/’ 1
| Soed 0 8 o 00 Vi i "”} — F, {j]
|.r! ] )
!
(PR A B _*‘ Py i
ra s
, 7. ok e i 22 S0 B
! _"_.[ e | l
-2 -1 0 1 2

Fl (n), Fy (n)

Figure 2.6.2. Graph of Functions F4(n) and F,(n)

A comparison of the predicted (Equation 2.6.1) and observed transverse velocity distributions for

a river bend yields fairly good results in gradual bends. For the more irregular sections the results
are less impressive. Problem 2.8 in Appendix 2 gives an example of these calculations.

The usual way to describe the longitudinal velocity distribution in alluvial channels is by actual
measurements. In this way, accurate knowledge of the various velocity components in the cross
section can be obtained.

In prismatic channels with rigid beds, it is possible however to compute the velocity field in the
bends. At any vertical in the bend, the variation of longitudinal velocity with respect to depth can
be described by the von Karman velocity relation (Equation 2.3.15).

v 2303

}(y
log <+ 30.2 — (2.3.15)
W+ K

5

where
v = the velocity at depth y
V. = the shear velocity
Ks = the height of the roughness elements taken as Dgg of the bed material
K = the von Karman velocity coefficient
X = Einstein's multiplication factor (Figure 2.3.5)

Extending this concept, if one can describe the longitudinal velocity distribution at several verticals
in a cross section, the variation of the longitudinal velocity over the width of the stream can be
determined in the bend.
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Figure 2.6.3. Lateral Distribution of Longitudinal Velocity

For a gentle bend of a parabolic cross section, Figure 2.6.3 shows the curves for velocities across
the width. In Figure 2.6.3, V is the depth-averaged velocity in any vertical, and V5 is the
maximum velocity in the straight channel. Define the dimensionless bend angle as:

A, = D.42¢ymﬁ g (2.6.2)

where @is the angle of the bend in degrees and A, the dimensionless bend angle. The vertical
distribution of velocity in the straight reach is assumed to follow the form

0.4
Vo i (2.6.3)

VFI"IEC ymax

The V values for sections within a bend are referenced to V54 in the straight reach. The depth y,
across the width of the channel is assumed to vary as

o\
Y :1_{_5] (2.6.4)
Yrmax W

Longitudinal velocities in natural river bends are similar to those shown in Figure 2.6.3. The
information in Figure 2.6.3 can be readily used in rivers when their cross-sections in bends are
nearly parabolic.




2.6.3 Subcritical Flow In Bends

Because of the change in flow direction which results in centrifugal forces, there is a
superelevation of the water surface in river bends. The water surface is higher at the concave
bank than at the convex bank. The resulting transverse slope can be evaluated quantitatively.
Using cylindrical coordinates (Figure 2.6.4), the differential pressure in the radial direction arises

from the radial acceleration or

1op Ve

= (2.6.5)
p r
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| r
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Figure 2.6.4. Definition Sketch of Flow around a Bend

To calculate the total superelevation between the outer and inner bend two assumptions are
made: (1) The radial and vertical velocities are small compared to the tangential velocities such
that Vg ~ V; and (2) The pressure distribution in the bend is hydrostatic, i.e., p = vyy.

Then

J‘ b d (2.6.6)

To solve Equation 2.6.6, the transverse velocity distribution along the radius of the bend must be
known or assumed. The results obtained assuming various velocity distributions follow.

Woodward (1920) assumed V equal to the average velocity Q/A and r equal to the radius to the
center of the stream r,, and obtained

2l Ir” L d (2.6.7)
g Fe



or

AZ=z,-z=—1ry—1) ", (2.6.8)

in which z; and r; are the water surface elevation and the radius at the inside of the bend, and z,
and r, are the water surface elevation and the radius at the outside of the bend.

By assuming the velocity distribution to approximate that of a free vortex (Vg = C4/r), Shukry
(1950) obtained

y,
1Ir'3 C1 dr = g l—l (2.6.9)
g7y 2aa e

in which C; = rV is the free vortex constant. By assuming the flow depth of flow upstream of the
bend equal to the average depth in the bend, Ippen and Drinker (1962) reduced Equation 2.6.9 to

” et

y,
AZ = Y 2W 1 8 (2.6.10)
29 r. W z
A
2r.
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For situations where high velocities occur near the outer bank of the channel, a forced vortex may
approximate the flow pattern. With this assumption and assuming a constant average specific
head, Ippen and Drinker (1962) obtained

2
AZ = V© 2W 1 (2.6.11)
2g r. V2
e
12r:

By assuming that the maximum velocities are close to the centerline of the channel in the bend
and that the flow pattern inward and outward from the centerline can be represented as forced
and free vortices, respectively, then:

247 7
:%‘[rﬁ:: CET" d +%'ﬁ| ¢ o (2.6.12)
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and whenr =rg, V = V4«

Therefore, C, = Vina and C; = Vpax f'e
Fe

and Equation 2.6.12 becomes:

2
Ve Virax S i A (2.6.13)
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The differences in superelevation that are obtained by using the different equations are small, and
in alluvial channels the resulting erosion of the concave bank and deposition on the convex bank
leads to further error in computing superelevation. Therefore, it is recommended that Equation

2.6.8 be used to compute superelevation in alluvial channels. For lined canals with strong
curvature, superelevation should be computed using Equation 2.6.10 or Equation 2.6.13.

An example showing how to calculate superelevation in bends from velocity measurements is
presented in Appendix 2 (Problem 2.2). The example also compares the various approximate

equations included in this section.

2.6.4 Supercritical Flow In Bends

Rapid flow or supercritical flow in a curved prismatic channel produces cross wave disturbance
patterns which persist for long distances in a downstream direction. These disturbance patterns
are the result of non-equilibrium conditions which persist because the disturbances cannot
propagate upstream or even propagate directly across the stream. Therefore, the turning effect of
the walls is not felt on all filaments of the flow at the same time and the equilibrium of the flow is
destroyed. The waves produced form a series of troughs and crests in the water surface along the
channel walls.

Figure 2.6.5. Definition Sketch for Rapid Flow in a Bend

Figure 2.6.5 is a definition sketch to aid in the analysis of cross wave patterns in a bend with rapid
flow. The water surface elevation in a bend can be computed if the following major assumptions
are made: (1) the flow is two-dimensional; (2) the velocity is constant throughout the
cross-section; (3) the channel is horizontal; (4) there are no boundary shear stresses; and (5) the



channel walls are vertical. The outer wall which turns the flow inward produces an oblique
hydraulic jump and a corresponding positive disturbance line or positive wave front propagates
across the channel. The inner or convex wall causes an oblique expansion or negative wave to
propagate across the channel with a corresponding negative disturbance line or wave front. From
analysis of Figure 2.6.5 and the hydraulic jump equation the following formulas can be derived.

The initial velocity perpendicular to the wave front is given by
142
i 2.6.14
VAL LI (26.14)

The wave front angle is given by

12
sin [31 Vn’l o "u'gw Yo 1+ Yo
V, Vi |2y ¥

or
: 1
SINP| = — (2.6.15)
Fr;
The relationship of the deflection angle 8; and the Froude number is given by
3 172 1 112
6, = 3tan™ 1| YAl +const (26.16)
2 2
Fri —1 Fri —1

where the constant may be determined from the conditions that for 8; = 0, the depth y is the initial
depth y;.

For practical applications, in the case of successive waves as sketched in Figure 2.6.6, Equation
2.6.16 is quite involved and inconvenient to use even with graphical charts. Knapp (1951)

developed a much simpler equation which gives adequate results. The depth at the first maximum
may be computed from

2
V= *I"'Ilr_gin2 [[31 + %] (2.6.17)
g

Equation 2.6.17 results from experimental observations of a constant velocity occurring at a
cross-section. The location of the first maximum may be found from:




2\W

6, =tan” ,
1 (2r. +W)tanp,

(2.6.18)

where r. is the radius of curvature and W is the channel width as shown in a plan view of the
cross wave pattern given in Figure 2.6.6. The disturbance wave pattern oscillates about a plane
located at the normal depth. The distance along the wall to the first maximum subtends a central
angle, 6,, and this distance represents half a wave length.

The amplitude of the disturbance pattern in the downstream tangent is dependent on whether the
new disturbance pattern created in the change of flow from curved to straight reinforces or damps
out the disturbance pattern already in existence. When the curve has central angles of 6’4, 36’4,
504, etc., where 8'; is given by Equation 2.6.18, the two disturbance patterns reinforce each other
and the resulting disturbance pattern in the tangent section oscillates about the normal depth with
an amplitude of approximately V2W/r.g. By adopting central angles of 28';, 46';, 66’4, etc., the

disturbance pattern generated by the change from a straight to curved channel will cancel out the
disturbance created by the initial curve in the channel.

Figure 2.6.6. Plan View of Cross Wave Pattern for Rapid Flow in a Bend

Two methods have been used in the design of curves for rapid flow in channels. One method is to
bank the floor of the channel and the other is to provide curved vanes in the flow. Banking on the

floor produces lateral forces which act simultaneously on all filaments and causes the flow to turn

without destroying the flow equilibrium. Curved vanes break up the flow into a series of small




channels and since the superelevation is directly proportional to the channel width, each small
channel has a smaller superelevation.

2.6.5 Transitions in Rapid Flows

Contractions and expansions in rapid flows produce cross wave patterns similar to those
observed in curved channels. The cross waves are symmetrical with respect to the centerline of
the channel. Ippen and Dawson (1951) have shown that in order to minimize the disturbance
downstream of a contraction, the length of the contraction should be:

W, - W,
2tang

(2.6.19)

where W is the channel width and the subscripts 1 and 2 refer to sections upstream and
downstream from the contraction. The contraction angle is 8 and should not exceed 12°. The
relationship between the channel widths and depths, y, can be determined from the continuity of
the ﬂOW, W1y1V1 = W2y2V2 = Q or

a2
W, vy Fry

= (2.6.20)

W, Y1 Fr,

For an expansion, Rouse et al. (1951) found experimentally that the most satisfactory boundary
form is given by

W1x3f21

o (B e A ek (2.6.21)

W, 2| WFr, 2

where x is the longitudinal distance measured from the start of the expansion or outlet section and
w is the lateral coordinate measured from the channel centerline. A boundary developed from this
equation diverges indefinitely. Therefore, for practical purposes, the divergent walls are followed
by a transition to parallel lines.

2.7 Gradually Varied Flow

2.7.1 Introduction

Thus far, two types of steady flow have been considered. They are uniform flow and rapidly varied
nonuniform flow. In uniform flow, acceleration forces are zero and energy is converted to heat as
a result of viscous forces within the flow; there are no changes in cross-section or flow direction,
and the depth (called normal depth) is constant. In rapidly varied flow, changes in cross-section,
direction, or depth take place in relatively short distances; acceleration forces are not zero;
viscous forces can be neglected (at least as a first approximation).

Different conditions prevail for each of these two types of steady flow. In steady uniform flow, the



slope of the bed, the slope of the water surface and the slope of the energy gradeline are all
parallel and are equal to the head loss divided by the length of the channel in which the loss
occurred. In rapidly varied flow through short streamlined transitions, resistance is neglected and
changes in depth due to acceleration are dominant. In this section, a third type of steady flow is
considered. In this type of flow, changes in depth and velocity take place slowly over large
distances, resistance to flow dominates and acceleration forces are neglected. This type of flow is
called gradually varied flow, and the study involves: (1) the determination of the general
characteristics of the water surface; and (2) the elevation of the water surface or depth of flow.

In gradually varied flow, the actual flow depth y is either larger or smaller than the normal depth y,
and either larger or smaller than the critical depth y.. The water surface profiles, which are often

called backwater curves, depend on the magnitude of the actual depth of flow y in relation to the
normal depth y, and the critical depth y.. Normal depth y, is the depth of flow that would exist for

steady-uniform flow as determined using the Manning or Chezy velocity equations, and the critical
depth is the depth of flow when the Froude number equals 1.0. Reasons for the depth being
different than the normal depth are changes in slope of the bed, changes in cross-section,
obstruction to flow and imbalances between gravitational forces accelerating the flow and shear
forces retarding the flow.

In working with gradually varied flow, the first step is to determine what type of backwater curve
would exist. The second step is to perform the numerical computations.

2.7.2 Classification of Flow Profiles

The classification of flow profiles is obtained by analyzing the change of the various terms in the
total head equation in the x-direction. The total head is

y,
HT - V__|_'y'_|_z (2.7.1)
29
or
Q2
H = +y+2 (2.7.2)
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Then assuming a wide channel for simplicity

ciHT+c:|2 dy dy d
dx gy’ dx dx dx

(2.7.3)

The term dH+/dx is the slope of the energy gradeline Sy, by assumption. For short distances and

small changes in y the energy gradient can be evaluated using the Manning or Chezy velocity
equations.

When Chezy's equation (Equation 2.3.20b) is used the expression for dH/dx is
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(2.7.4)

The term dy/dx is the slope of the water surface S,,, and dz/dx is the bed slope -S,. For steady
flow, the bed slope is (from Equation 2.3.20b)

2
S, = it (2.7.5)
Cays

where the subscript "0" indicates the steady uniform flow values.

When Equation 2.7.4 and Equation 2.7.5 are substituted into Equation 2.7.3, the familiar form of
the gradually varied flow equation is obtained

- =

i
1_[C_u] Yo
c ¥
5, -
1_| Yc
y

L -

(2.7.6)

.
dx

If Manning's equation is used to evaluate S; and S, Equation 2.7.6 becomes

[ #, e
1_1 Yo
d}' =5 o Y (2.7.7)
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The slope of the water surface dy/dx depends on the slope of the bed S, the ratio of the normal
depth y, to the actual depth y and the ratio of the critical depth y, to the actual depth y. The
difference between flow resistance for steady uniform flow n, to flow resistance for steady
nonuniform flow n is small and the ratio is taken as 1.0. With n = n,, there are twelve types of
water surface profiles. These are illustrated in Figure 2.7.1 and. summarized in Table 2.7.1.

Bed

Mild So> 0 Y>VYo>Ye
Mild S >0 y0>y>yc 2 M2
Mild So> 0 Yo>VYc>Y 3 M3




Critical So>0 Y>Yo=Yc 1 C1
Critical So>0 Y <VYo=VYe 3 C3
Steep So> 0 Y=>Yc>Yo 1 S1
Steep So> 0 Ye>Y>Y, 2 S2
Steep S,>0 Ye>Yo>Y 3 S3
Horizontal So=0 y>Ye 2 H2
Horizontal So=0 Ye >V 3 H3
Adverse Se<0 y>Yye 2 A2
Adverse So<0 Ve >y 3 A3
Note:
1. With a type 1 curve (M1, S1, C1), the actual depth of flow y is greater than both the normal

S8, 4 RO AN O, Oy

depth y, and the critical depth y.. Because flow is tranquil, control of the flow is
downstream.

With a type 2 curve (M2, S2, A2, H2), the actual depth y is between the normal depth y, and
the critical depth y.. The flow is tranquil for M2, A2 and H2 and thus the control is
downstream. Flow is rapid for S2 and the control is upstream.

With a type 3 curve (M3, S3, C3, A3, H3), the actual depth y is smaller than both the normal
depth y, and the critical depth y.. Because the flow is rapid control is upstream.

For a mild slope, S, is smaller than S, and y, > y..
For a steep slope, S, is larger than S, and y, < y..
For a critical slope, S, equals S. and y, = y..

For an adverse slope, S, is negative.

For a horizontal slope, S, equals zero.

The case wherey _s Y, is of special interest because the denominator in Equation 2.7.7

approaches zero.
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Figure 2.7.1. Classification of Water Surface Profiles

Wheny _4 Y, the assumption that acceleration forces can be neglected no longer holds.
Equation 2.7.6 or Equation 2.7.7 indicate that dy/dx is perpendicular to the bed slope wheny _

Y. For cross-sections close to the cross-section where the flow is critical (a distance from 50 to 10
ft), curvilinear flow analysis and experimentation must be used to determine the actual values of y.
When analyzing long distances (100 to 1000 ft or longer) one can assume qualitatively that y
reaches y.. In general, when the flow is rapid (Fr = 1), the flow cannot become tranquil without a

hydraulic jump occurring. In contrast, tranquil flow can become rapid (cross the critical depth line).
This is illustrated in Figure 2.7.2.

When there is a change in cross-section or slope or an obstruction to the flow, the qualitative
analysis of the flow profile depends on locating the control points, determining the type of curve
upstream and downstream of the control points, and then sketching the backwater curves. It must
be remembered that when flow is rapid (Fr > 1), the control of the depth is upstream and the
backwater proceeds in the downstream direction. When flow is tranquil (Fr < 1), the depth control
is downstream and the computations must proceed upstream. The backwater curves that result
from a change in slope of the bed are illustrated in Figure 2.7.2




2.7.3 Standard Step Method for the Computation of Water Surface
Profiles

The standard step method is a simple computational procedure to determine the water surface
profile in gradually varied flows. Prior knowledge of the type of backwater curve as classified in
Section 2.7.2 is useful to determine whether the analysis should proceed upstream or

downstream.

The standard step method is derived from the energy equation

2 2

V—1+y1+ﬂz:V—2+yz+HL (2.7.8)

29
From Figure 2.7.3

2 2

V—1+y1 +S,AL = V—2+y2 +S:AL (2.7.9)

29 29

H,y + SGAL = Hy + S AL (2.7.10)
and

AL = M (2.7.11)
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Figure 2.7.2. Examples of Water Surface Profiles
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Figure 2.7.3. Definition Sketch for the Standard Step Method for Computation of Backwater Curves

The procedure is to start from some known y, which can be obtained from a stage-discharge
relationship, assume another y either upstream or downstream depending on whether the flow is
tranquil or rapid, and compute the distance AL to the assumed depth using Equation 2.7.11. It is
recommended that the assumed depth be kept relatively close to the known value of y, in order to

keep the interval AL as short as possible to obtain better accuracy in the calculation.

An example illustrating how to use the standard step method is given in full detail in Appendix 2
(Problem 2.3).

2.8 Hydraulics of Bridge Waterways

As flow passes through a channel constriction most of the energy losses occur as expansion losses
downstream of the contraction. This loss of energy is reflected by a rise in the water surface and the energy
line upstream from the bridge. The determination of the rise in water level is referred to as the bridge
backwater. Hydraulic engineers are concerned about the computation of backwater with respect to flooding
upstream of the bridge. Other concerns discussed in the following chapters include the stability and scour
around embankments, general scour depths due to constriction and local scour around piers.

2.8.1 Backwater Effects on Waterway Openings

It is necessary to distinguish between the following types of backwater effects.

« Backwater on a flood plain resulting from construction of a long, skewed or curved road
embankment as sketched in Figure 2.8.1a, where the bridge opening is in effect located
up-valley from one end of the embankment. The backwater effect along the embankment
arises from ponding of water along a line running obliquely down-valley. In the case of steep
rivers with wide flood plains this effect can be very large, since a large pond is created. This
type of effect can be prevented by choosing a suitable location and alignment, or by
providing dikes shown on the figure to close off the affected part of the flood plain from flood
waters, or possibly by providing a relief span.

« Backwater in an incised river channel without substantial overbank flow, resulting in part
from constriction of flow through an opening somewhat smaller than the natural cross
section, and in part from obstructive effects of piers (Figure 2.8.1b). The backwater effect

arising from this type is seldom large, but may be significant in occupied areas.




« Backwater in a river with flood plain where the road crossing is more or less normal to the
valley but the road approaches block off overbank flow (Figure 2.8.1c). In these cases the

afflux may be significantly greater than in type b. The effect of guide banks shown in Figure
2.8.1c appears to be generally to reduce the backwater effects by improving the hydraulic

efficiency of the opening, but there is some doubt as to whether this is necessarily true for
steep streams.

Pre-contruction flood levels at Aand B are

approximately equal.

Post-construction level at A is higher than at C, which is
higher than at B because of channel slope and
bridge backwater.

Dike as shown would protect A from backwater.



Figure 2.8.1. Three Types of Backwater Effect Associated with Bridge Crossings; (a) Effect
of a Skewed Embankment across a Flood Plain; (b) Effect Due to Constriction of the
Channel Flow; (c) Effect Due to Constriction of the Overbank Flow, Both without and with
Guide Banks. (after Neill, 1975)

It is advisable to be aware of other unusual backwater effects that might occur in special
circumstances, although they might never arise in ordinary bridge design practice.

Effects of a Submerged Superstructure - If the high-water level reaches the bottom of the
superstructure, the bridge will act as a short culvert. For bridges which are designed to be
submersible under certain conditions, it is advisable to provide a rounded nosing on the leading
edge of the girder, in order to improve the hydraulic efficiency and to reduce the tendency to catch
driftwood and ice as illustrated in Figure 2.8.2. Also, the superstructure must be anchored to

counter buoyancy.
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Figure 2.8.2. Submergence of a Superstructure

Effects of Supercritical Flow - In contrast to the usual drop at a constriction in subcritical flow, in
supercritical flow water levels may rise suddenly at the contracted section. The phenomenon of
"choking" is particularly likely if the Froude number only slightly exceeds 1.0. "Choking" may occur
even in subcritical flow if the constriction is severe enough. Wider or additional openings should
be designed if choking effects are expected to occur.

2.8.2 Types of Flow In Bridge Openings

Three types of flow, | through 11l illustrated in Figure 2.8.3 are often encountered in bridge

waterway design. As the scale of the normal depth is the same for all flow profiles, the discharge,
boundary roughness and slope of the channel must increase from type | to type |l and to type lll.

In Type | flow, the normal water surface is everywhere above critical depth and the flow is
subcritical. Backwater calculations are obtained by applying the conservation of energy principle
between sections 1 and 4.
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Figure 2.8.3. Types of Flow Encountered
(Ref - Hydraulics of Bridge Waterways HDS No. 1)

In Type 1l flow, subcritical flow upstream of the bridge passes through critical depth in the
constriction. The backwater curve giving the water surface elevation upstream from the
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constriction becomes independent of the water surface elevation downstream. An undulating
hydraulic jump (with Fr < 2) is formed when the water surface elevation dips below critical depth
downstream from the contracted section (Type IIB).

Referring to Type lll flow, the flow is supercritical throughout the reach as the normal water
surface is everywhere below critical depth. Such conditions require steep channels as
experienced in, but not limited to mountainous regions. Backwater should not occur as long as the
flow remains supercritical since the flow is controlled from upstream conditions. However,
significant rise in the water surface might occur in the vicinity of the constriction due to: (1)
changes in the specific energy diagram as indicated in Figure 2.5.2 and Figure 2.5.4; (2) cross

waves and transitions; and (3) possible hydraulic jumps near the embankments.

Two solved problems are presented in Appendix 2 to illustrate how to calculate maximum
constrictions without causing backwater (Problem 2.4) and to calculate water surface elevation
upstream of a grade control structure (Problem 2.5).

2.8.3 Bridge Backwater Analysis

This section presents a brief introduction to the analysis of backwater effects induced by bridge
crossings. A practical expression for backwater has been formulated by applying the principle of
conservation of energy between sections 1 and 4 illustrated in Figure 2.8.3. The backwater

elevation upstream from the bridge is computed as follows:

2 2 2y g2
h: = K* o, \;ni + oy Ang _AT‘IE Vo
g Ay A 29

(2.8.1)

where

h,* = total backwater (in ft)

K* = total backwater coefficient for subcritical flow

a4, 05 = kinetic energy coefficients

A, = flow area below normal stage at the bridge opening (ft2)
V2 = Q/A,» average velocity at the bridge opening (ft/s)

A4, A, = flow areas at section 1 and 4 (ft2)

Equation 2.8.1 is essentially applicable for Type | flow. For Type Il flow, the same equation
(Equation 2.8.1) can be used with a; = 0. For Type Il flow, cross waves and hydraulic jumps
should be analyzed closely.

The total backwater coefficient K* is the sum of the coefficients for the base curve Ky,; piers AK;
eccentricity AK,; and skew AKq so:

K* = Kp + AKp, + AK + AKg (2.8.2)

The backwater coefficient K, for subcritical flow depends mainly on the bridge opening ratio M



which is defined as the ratio of the flow which can pass unimpeded through the bridge constriction
to the total flow of the river. In other words, M = Q,/(Q4 + Qp + Q) as shown in Figure 2.8.6.

Figure 2.8.4 shows the backwater coefficient K, as a function of the opening ratio M for wing wall
and spillthrough abutments.

The value of the incremental backwater coefficient due to piers AK, depends on the ratio J of the
projected area of the piers A, to the gross constricted area Apy, based on the normal surface of

the bridge opening. The type of piers, the bridge opening ratio M and the angle of the piers to the
flow direction are also considered as shown in Figure 2.8.5. The incremental coefficient for piers is

computed from the product of AK and o defined in Figure 2.8.5a and Figure 2.8.5b.

AK, = 0AK (2.8.3)

An opening with 10 piles should be given a value of AK,, about 20 percent higher than indicated
for bents with 5 piles.

Eccentricity describes the location of the opening within the cross-section area. For example
centered crossings have no eccentricity. The effect of eccentricity on the backwater coefficient is
considered when the discharge components Q. and Q_ defined in Figure 2.8.6 are not equal. The
eccentricity e is computed from Q4 and Q. and the incremental backwater coefficient AK, is
obtained from the diagram in Figure 2.8.6.

Skewness of the crossing is observed when the flow direction is not perpendicular to the
embankment. The correction factor for skewed crossings is based on the projected length and
cross sectional area parallel to the flow direction. The incremental coefficient varies with the
opening ration M and the angle of skew ¢ as shown in Figure 2.8.7.
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Figure 2.8.4. Backwater Coefficient Base Curves (Subcritical Flow)
(Ref - Hydraulics of Bridge Waterways HDS No. 1)
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An example to calculate bridge backwater elevation is detailed in Appendix 2 (Problem 2.6). The
problem involves the effects of piers, skewness and eccentricity on the flow.
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Figure 2.8.5. Incremental Backwater Coefficient for Piers
(Ref - Hydraulics of Bridge Waterways HDS No. 1)
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2.8.4 Computer Programs for Highway Bridges

The Department of Transportation had prepared an earlier computer program (Hydraulics of
Bridge Waterways - HY-4) to determine the backwater produced by a bridge. The program
consists of two parts. Part | analyzes the natural stream cross section, rating curves and stage
discharge information. Part Il determines velocities and backwater heights for a given discharge
and bridge length.

A recent research report (Shearman et al.) in preparation, to be published as a FHWA Research
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and Development Report, should become the state-of-the-art on computer modeling of water
surface elevation in waterway crossings. The report entitled, "Bridge Waterways Analysis Model,"
describes a Water Surface Profile (WSPRO) computation model. Profile computations for open
channel flow are compatible with conventional techniques used in existing step-backwater
analysis models. WSPRO incorporates several more desirable features than other existing
models. Profile computations for free surface flow through bridges are based on relatively recent
developments in bridge backwater analysis and recognize the influence for bridge geometry
variations. Pressure flow situations (girders partially or fully inundated) are computed using
existing Federal Highway Administration techniques. Embankment overtopping flows, in
conjunction with either free surface or pressure flow through the bridge, can be computed.
WSPRO is also capable of computing profiles at stream crossings with multiple openings
(including culverts). WSPRO also incorporates the effect of wide, wooded, floodplains into the
bridge backwater computations.

Although specifically oriented towards hydraulic design of stream highway crossings using
economic analysis, WSPRO is equally suitable for water surface profile computations unrelated to
highway design. The report provides a detailed discussion of the theory and computational
techniques used in the model. Model capabilities and data requirements are described in more
general terms. Specific data coding instructions and examples of model applications are to be
published in a users manual. Results of model application to five field-verification sites are
discussed, along with a comparison of WSPRO results with results obtained from two existing
models. Also presented is a discussion of the applicability of WSPRO to design of bridges using
economic analysis.

Other one-dimensional models for steady gradually varied flow in channels with fixed boundary
include the model HEC-2 developed by the U.S. Army Corps of Engineers to determine water
surface elevations by standard step method. The effects of natural obstructions to flow, flood
plain, encroachment and hydraulic structures can be simulated by the program.

Erodible-bed models such as SEDIMENT 4H (Ariathurai), FLUVIAL 11 (Chang), HEC-6 (U.S.
Army Corps of Engineers), HEC-2SR, KUWASER and UUWSR (Simons, Li and Associates) are
also available.

Liou (1983) presented an evaluation of several existing mathematical models in flood zoning
studies for FEMA. Fixed-bed models were compared with mobile-bed models to determine
whether river-bed degradation during flood passage has an effect on flood stage. It was
concluded that the effect of river-bed degradation and aggradation on water surface elevation
during flood passage is much smaller than the effects of the uncertainties of channel roughness or
flow friction factor, sediment input and initial channel geometry.

Erodible-bed models are appropriate for streams which have experienced extreme local
aggradation or degradation. Their use in flood-insurance studies, however, does not seem
justified at the present time based upon the current state-of-the-art moveable bed mathematical
models.

2.9 Hydraulics of Culvert Flow

A culvert is a hydraulically short conduit which conveys stream flow through a roadway embankment. Most
culverts are constructed of concrete, corrugated aluminum, corrugated steel, and sometimes corrogated
plastics. Culvert shapes vary from circular to rectangular and elliptical, pipe arch, arch and metal box sections
are commonly used.

Two basic types of flow control are recognized depending on the location of the control section: inlet control



or outlet control. The characterization of pressure, subcritical and supercritical flow regimes play an important
role in determining the location of the control section.

Inlet control occurs when the culvert barrel is capable of carrying more flow than the inlet will accept. Critical
flow depth is located at the inlet and the flow is supercritical in the barrel.

Outlet control flow occurs when the culvert barrel is not capable of conveying as much flow as the inlet
opening will accept. Under outlet control conditions, either subcritical or pressure flow exists in the culvert
barrel.

2.9.1 Tailwater Depth Calculation

Energy is required to force flow to pass through a culvert. This energy takes the form of an
increased water surface elevation on the upstream side of the culvert The depth of the upstream
water surface measured from the invert at the culvert entrance is referred to as the headwater
depth. Tailwater depth is defined as the depth of water downstream of the culvert measured from
the outlet invert. High tailwater depth may cause submergence of the barrel outlet and influence
the type of control and conveyance characteristics of the culvert.

The headwater depth, the hydraulic grade line and the energy line are shown in Figure 2.9.1. The
total energy upstream from the culvert entrance is equated to the energy at the culvert outlet with
consideration of all the major energy losses. From the energy equation, the head H is the
difference between the elevations of the hydraulic grade line at the outlet and the energy line at

the inlet
V?
H = (d, —-:12)+2—+LSEI =H,, +H, +H; (2.9.1)
d
in which

H = total head in feet

d,, d, = flow depth (in ft) as shown in Figure 2.9.1

2
\'*’f_*l = velocity head at the inlet in feet

29

LS, = length of culvert in feet, times barrel slope
H,, = velocity head in feet

He = entrance loss in feet

H; = friction losses in feet
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Figure 2.9.1. Hydraulic and Energy Grade Lines in Culvert Flow.

2
The velocity head H,, equals i where V is the mean velocity in the culvert (V = Q/A). The

29
entrance loss depends on the geometry of the inlet and is expressed as a coefficient K, times the
velocity head

7
H. =K. z_ (2.9.2)
g

Values of K, range from 0.2 to 0.9 for various entrance configuration. Detailed information on the
entrance loss coefficient K, can be found in the report FHWA-IP-85-15. The friction loss H¢ can be
written as a function of Manning's n as follows:

2
" R133 29
in which R is the hydraulic radius.
Therefore,
21 2
Mo 29

e RT3 g
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Figure 2.9.2b. Headwater Depth for Corrugated Metal Pipe Culverts with Inlet Control

As an example the nomograph in Figure 2.9.2 gives the solution of the head H for a corrugated
metal pipe for the following conditions: L = 120 ft, D = 27 inches, Q = 35 ft3/s and K = 0.9. In this



example the head, H, for culverts flowing full is H = 7.5 feet. For a comprehensive treatment of
flow in culverts, the reader is referred to the Report FHWA-ID-85-15, HDS-5, entitled, "Hydraulic

Design of Highway Culverts."

A comprehensive design example of flow through culverts is detailed in Appendix 2 (Problem 2.7)
with both inlet control and full flow conditions.

2.9.2 Performance of Culverts

Performance curves graphically depict the variation of headwater depth as a function of the flow
rate. In developing a culvert performance curve both inlet and outlet control curves must be
plotted. This is necessary because the dominant control at a given headwater depth is difficult to
predict. Control may shift from the inlet to the outlet or vice versa over a range of flow rates.
Figure 2.9.3 illustrates a typical culvert performance curve. At the design headwater, the culvert

operates under inlet control.

Among its uses, the performance curve displays the consequences of higher flow rates on
headwater height and the benefits of inlet improvements. The hydraulic performance of culverts
can be improved by changing the inlet geometry. Improvements include bevel-edged,
side-tapered and slope-tapered inlets.

A beveled-edge provides a decrease in flow contraction losses at the inlet and K is reduced from

0.5 to 0.2. This increases the culvert capacity by as much as 20 percent. Bevels are
recommended on all culverts under inlet control conditions.

Side-tapered inlets have an enlarged face area accomplished by tapering sidewalls. It provides an
increase in flow capacity of 25 to 40 percent over square-edged inlets. There are two types of
control sections for side-tapered inlets: face and throat control. The advantages of side-tapered
inlet under throat control are: reduced flow contraction at the throat and increased head at the
throat control section.

Slope-tapered inlets provide additional head at the throat section. This type of inlet can have over
100 percent greater capacity than a conventional culvert with square edges. The degree of
increased capacity depends upon the drop between the face and the throat section. Both the face
and the throat are possible control sections. The inlet face should be designed with a greater
capacity than the throat to insure flow control at the throat. More of the potential capacity of the
culvert can then be insured.
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The culvert outlet performs the basic function of releasing water to the channel without excessive
erosion. Depending upon the amount of excess energy to be dissipated concrete transitions,
baffled outlets, baffled apron drops, energy dissipators or drops and chutes with stilling pools can
be designed. Concrete or riprap transitions should be used in preference to other structures to
avoid debris and sediment problems. Energy dissipation structures at outlets should be avoided
whenever excess energy can be dissipated in the culvert.

Possible aggradation or degradation at culvert crossings must be carefully examined in the design
of culverts. An adequate system of culvert design involves passing drainage water and sediment
from a natural regime condition upstream of the channel crossing without upsetting the delicate
balance between hydraulics and sediment transport flow. Inadequate design can cause either
scour or deposition on either side of the crossing. This is more of a local phenomenon that should
not be confused with an overall change in stream morphology produced by some outside factor
separate from the construction of the culvert system.

The factors affecting the stream morphology are, similar to bridge crossings, hydraulic and
geometric parameters such as slope, width, depth, velocity, angle of attack, stream bed and bank
material. Factors specifically related to culvert design are headwater elevation, tailwater elevation,
and channel invert elevations at the crossing. Changes in these parameters produce changes in
the entrance and exit conditions at the crossing giving rise to aggradation and degradation
problems. The greater danger produced by aggradation is a partial plugging of the culvert opening
resulting in a damming effect and increasing the magnitude and frequency of flooding upstream of
the structure. Degrading stream reaches affect culvert systems by reducing their structural
stability. General stream bed degradation can undermine the foundations of culvert systems to




complete failure.

2.9.3 Computer Programs for the Analysis of Culvert Flows

Computer programs written to assist engineers in making hydraulic analyses of culverts for
highway drainage are available. Hydraulic analysis of circular culverts, pipe-arch culverts and box
culverts can be performed using respectively the Bureau of Public Roads programs, HY-1, HY-2,
HY-3 or HY-6 (FHWA Publications). These existing programs determine the cross sectional
details of the culvert. A backwater routine for part-full flow under outlet control conditions defines
the free-water surface. The output data include the discharge, the number, width and height of
barrels, the headwater and the outlet velocity. These programs will be superseded by the FHWA
Culvert Analysis Program (HY-8) in preparation.

The FHWA Culvert Analysis Program (HY-8) is being developed by Pennsylvania State University
in cooperation with FHWA. The effort is funded under the Rural Technical Assistance Program
(RTAP) which is administered by the FHWA National Highway Institute (NHI). The original
contract was to extend the capabilities of a basic program developed by FHWA for the Apple II
microcomputer. The contract was later modified to have the program developed for the IBM-PC.
The software package has been structured to be self-contained and requires no users manual.
This facilitates its use by roadway design squads to design simple culverts. However, the
knowledgeable hydraulic engineer will also find the software package very useful because it
contains many advanced features.

The program features are listed below:

1. Procedures - FHWA HDS 5, Hydraulic Design of Highway Culverts is the reference for the
procedures used in the software package;

2. Approach - Programs are structured to analyze or review user selected variables. This
approach was chosen so that the user would not be constrained by the design philosophy of
the program and so that design alternatives could be easily compared,;

3. Shapes - Circular, box, elliptical, and pipe-arch with constant "n" and user defined shape
with different "n" for top and bottom;

4. Inlets - The user selects inlet edge condition from a menu which is consistent with the
selected shape; an inlet depression may be provided. If a circular or box shape was
selected, the user may select either a circular or rectangular side-tapered inlet or a
slope-tapered inlet;

5. Number - The user may choose any number of culverts with the same size, shape, inlet, and
"n" or up to six independent culverts; in both cases the culverts share the same headwater
pool, tailwater pool, and roadway;

6. Site Data - The station and elevation of the culvert inverts can be entered or will be
calculated if embankment slope and toe data is entered;

7. Discharge - User chooses maximum discharge for 11 point performance (rating) curve. The
minimum discharge default is 0, but can be changed;

8. Tailwater - User defines a rectangular, trapezoidal, or triangular channel; provides up to 15
cross-section points or 11 rating curve points; or enters a constant tailwater elevation. The
rating curve plot can be displayed;

9. Overtopping - If a roadway profile cross-section is provided, flow over the roadway weir will
be balanced with the flow through the culverts;

10. Output - A performance curve table is provided which contains, for each discharge:
headwater and tailwater elevation, inlet and outlet control headwater depths, tailwater depth,
and outlet velocity; at the option of the user, both inlet and outlet control performance curves
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can be displayed;

11. Routing - A culvert file and an inflow hydrograph file name may be provided with upstream
topographic data and the program will provide both a table and a plot of the outflow
hydrograph; if a hydrograph file is not available, it can be generated using the built-in
hydrology package;

12. Files - Data is stored on a data disk in relational sub-directories which are keyed to a
MS-DOS name provided by the user; and

13. Editing - Existing file data is loaded to a data summary screen and can be edited or run; if a
change is desired, the user selects the data to revise: site, culvert, discharge, tailwater, or
overtopping; the existing data is then displayed in the data entry screens and can be edited.

2.10 Roadway Overtopping and Low Water Stream
Crossings

2.10.1 Roadway Overtopping

Roadway overtopping will begin as the headwater rises to the elevation of the lowest point of the
roadway. This type of flow is similar to flow over a broad crested weir. The length of the weir can
be taken as the horizontal length across the roadway. The flow across the roadway is calculated
from the broad crested weir equation

Qo = k¢ Cy Lg (HW))1:5 (2.10.1)

where
Q, = is the overtopping discharge in ft3/s
C, = is the overtopping discharge coefficient
HW, = is the flow depth above the roadway in ft
ki = is the submergence factor
Ls = is the length of the roadway crest along the roadway in ft

The charts in Figure 2.10.1 indicate how to evaluate the correction factors k; and C,.

If the elevation of the roadway crest varies, for instance where the crest is defined by a roadway
sag vertical curve, the vertical curve can be approximated as a series of horizontal segments. The
flow over each is calculated separately and the total flow across the roadway is the sum of the
incremental flows for each segment (Figure 2.10.2).

The total flow across the roadway then equals the sum of the roadway overflow plus the culvert
flow. A trial and error procedure is necessary to separate the amount of water passing through the
culvert from the amount overtopping the roadway. Performance curves must then include both
culvert flow and road overflow.

The design example (Problem 2.7, in Appendix 2) illustrates this trial and error procedure.
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2.10.2 Low Water Stream Crossing

Streams in arid and semi-arid zones are dry most of the year and carry short flashy floods. The
frequency and duration of these floods and the relatively high peak discharges may not justify the
construction of large expensive bridge structures. Low structures which are overtopped during
floods without causing damages are very economical compared to conventional bridges. A low
water stream crossing (LWSC) is a cross drainage structure with a low roadway profile to facilitate
the passage of floods.

Depending on the design flood, valley characteristics, traffic density, duration of flood flow, flood
damages and repair costs, three types of LWSC illustrated in Figure 2.10.3 are considered:

1. Ford or Dip - is a natural stream bed leveled and paved; they are adopted when the
drainage crossing is dry most of the year,;

2. Vented Ford - with pipes or vents to provide passage for flow depth in excess of 4 - 6
inches; and

3. Low Water Bridges - have a bridge deck structure in place of vent pipes; they have better
conveyance capacity than vents and are preferred to vented Ford when the stream carries
large amount of debris.
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3.1 Introduction

Most streams that a highway will cross or encroach upon are alluvial. That is, the rivers are formed in cohesive or
non-cohesive materials that have been, and can still be, transported by the stream. The non-cohesive material
generally consists of silt, sand, gravel, or cobbles, or any combination of these sizes. Silt generally is not present
in appreciable quantities in streams having non-cohesive boundaries. Cohesive material consists of clays (sizes
less than 0.004 mm) forming a binder with silts and sand. Because of the electro-chemical bonding between clay
particles, clays are more resistant to erosion than silts.

In alluvial rivers, bed configuration and resistance to flow are a function of the flow and can change to increase or
decrease the water surface level. The river channel can shift its location so that the crossing or encroachment is
unfavorably located with respect to the direction of flow. The movable boundary of the alluvial river thus adds
another dimension to the design problem and can compound environmental concerns. Therefore, the design of
highway crossings and encroachments in the river environment requires knowledge of the mechanics of alluvial
channel flow.

This chapter presents the fundamentals of alluvial channel flow. It covers properties of alluvial material, methods
of measuring properties of alluvial materials, flow in sandbed channels, prediction of bed forms, Manning's n for
sandbed and other natural streams, how bed-form changes affect highways in the river environment, beginning of
motion, sediment transport, flow in coarse-material streams and physical and computer modeling of alluvial
channel flow. These fundamentals of alluvial channel flow are used in later chapters to develop design
considerations for highway crossings and encroachments in river environments.

3.2 Sediment Properties and Measurement Technigques

A knowledge of the properties of the bed material particles is essential, as they indicate the behavior of the
particles in their interaction with the flow. Several of the important bed material properties are discussed in the
following sections.

3.2.1 Particle Size

Of the various sediment properties, physical size has by far the greatest significance to the hydraulic
engineer. The particle size is the most readily measured property, and other properties such as shape,
fall velocity and specific gravity tend to vary with size in a roughly predictable manner. In general, size
represents a sufficiently complete description of the sediment particle for many practical purposes.

Particle size Dg may be defined by its volume, diameter, weight, fall velocity, or sieve mesh size.

Except for volume, these definitions also depend on the shape and density of the particle. The
following definitions are commonly used to describe the particle size:

1. Nominal diameter - The diameter of a sphere having the same volume as the particle.

2. Sieve diameter - The diameter of a sphere equal to the length of the side of a square sieve
opening through which measured quantities (by weight) of the sample will pass. As an
approximation, the sieve diameter is equal to the nominal diameter.

3. Sedimentation diameter - The diameter of a sphere with the same fall velocity and specific




gravity as the patrticle in the same fluid under the same conditions.
4. Standard fall diameter - The diameter of a sphere that has a specific gravity of 2.65 and also has

the same terminal settling velocity as the particle when each is allowed to settle alone in
quiescent, distilled water of infinite extent and at a temperature of 24°C.

In general, sediments have been classified into boulders, cobbles, gravels, sands, silts, and clays on
the basis of their nominal or sieve diameters. The size range in each general class is given in Table

3.2.1. The non-cohesive material generally consists of silt (0.004 - 0.062 mm), sand (0.062 - 2.0 mm),

gravel (2.0 - 64mm), or cobbles (64 - 250 mm).

Millimeters

Table 3.2.1 Sediment Grade Scale

Approximate
Sieve

Mesh
Openings per Inch

U.S.
Standard

4000-2000 | ... | o 160-80 | ... | ...... Very large boulders
2000-1000 | ... 80-40 | ... | ...... Large boulders
1000-500 | ... | oL 40-20 | ... | ... Medium boulders
500-250 | ... | ol 20-10 | ... | ...... Small boulders
250-130 | ... | o 10-5 | ... | ..., Large cobbles
130-64 | ... oL 5-25 | ... | ... Small cobbles
64-32 | ... o oo 25-13 | ... | ...... Very coarse gravel
32-16 | ... oo 1.3-0.6 B Coarse gravel
16-8 | ...l L 0.6-0.3 2% | .. Medium gravel
8-4 | ... oo 0.3-0.16 5 5 Fine gravel
R e . 0.16 - 0.08 9 10 Very fine gravel
2000 -
2-1 2.00-1.00 1000 | e 16 18 Very coarse sand
1-1/2 1.00 - 0.50 1000-500| - 32 35 Coarse sand
1/2 - 1/4 0.50-0.25 500-250 | e 60 60 Medium sand
1/4 - 1/8 0.25-0.125 550 . 125 | v 115 120 Fine sand
1/8 - 1/16 0.125-0.062 | T An | oo 250 230 Very fine sand
125 - 62
1/16 - 1/32 0.062 - 0.031 62-31 | ...... Coarse silt
1/32 - 1/64 0.031 - 0.016 31-16 | ...... Medium silt
1/64 - 1/128 0.016 - 0.008 16-8 | ...... Fine silt
1/128 - 1/256 0.008 - 0.004 8-4 | ...... Very fine silt
1/256 - 1/512 0.004 - 0.0020 4-2 | ... Coarse clay
1/512 - 1/1024 | 0.0020 - 0.0010 2-1 | ... Medium clay
1/1024 - 1/2048 | 0.0010 - 0.0005 1-05 | ...... Fine clay
1/2048 - 1/4096 | 0.0005-0.0002 | 0.5-0.24 | ...... Very fine clay

The boulder class (250 - 4000 mm) is generally of little interest in sediment problems. The cobble and
gravel class plays a considerable role in the problems of local scour and resistance to flow and to a
lesser extent in bed load transport. The sand class is one of the most important in alluvial channel
flow. The silt and clay class is of considerable importance in the evaluation of stream sediment loads,

bank stability and problems of seepage and consolidation.




3.2.2 Particle Shape

Generally speaking, shape refers to the overall geometrical form of a particle. Sphericity is defined as
the ratio of the surface area of a sphere of the same volume as the particle to the actual surface area
of the particle. Roundness is defined as the ratio of the average radius of curvature of the corners and
edges of a particle to the radius of a circle inscribed in the maximum projected area of the particle.
However, because of simplicity and effectiveness of correlation with the behavior of particles in flow,
the most commonly used parameter to describe particle shape is the Corey shape factor, Sy, defined

as

{
e e 3.2.1)

s

where £ 4 s b, and £ c are the dimensions of the three mutually perpendicular axes of a particle £ B

the longest; £ b the intermediate; and £ c the shortest axis.

3.2.3 Fall Velocity

The prime indicator of the interaction of sediments in suspension within the flow is the fall velocity of
sediment particles. The fall velocity of a particle is defined as the velocity of that particle falling alone in
quiescent, distilled water of infinite extent. In most cases, the particle is not falling alone, and the water
is not distilled or quiescent. Measurement techniques are available for determining the fall velocity of
groups of particles in a finite field in fluid other than distilled water. However, little is known about the
effect of turbulence on fall velocity.

A particle falling at terminal velocity in a fluid is under the action of a driving force due to its buoyant
weight and a resisting force due to the fluid drag. Fluid drag is the result of either the tangential shear
stress on the surface of the patrticle, or a pressure difference on the particle or a combination of the
two forces. The fluid drag on the falling particle Fp is given by the drag equation

Fp = Cp As p w?/2 (3.2.2)

The buoyant weight of the particle Wy is

Ws = (ps - P) 9Vp (3.2.3)
Where

Cp = coefficient of drag

w = terminal fall velocity of the particle

A = projected area of the particle normal to the direction of flow
p = fluid density

ps = particle density

g = acceleration due to gravity

V,, = volume of the particle



The area and volume can be written in terms of the characteristic diameter of the particle Dg or

Ag = K;Dg2 (3.2.4)

and

Vp = KoDg3 (3.2.5)

Where the coefficients K; and K, depend on the shape of sediment particles. For example, K; = 104
and K, = 116 for spherical particles. If the particle is falling at its terminal velocity, Fp = W

(Ps-P)gVp = Cp Agp w?/2 (3.2.6)

By substituting Equation 3.2.4 and Equation 3.2.5 into Equation 3.2.6, the expression

mz 2 K‘E

Pe
= —1|gD (3.2.7)
Ch Kyl p o

is obtained.

Four dimensionless variables describing fall velocity result from dimensional analysis of Equation 3.2.7

{9 ¢ s Kol g gy
QDS P K1

The drag coefficient Cp is dependent on the particle Reynolds number (R. = p wD4/p) the shape and
the surface texture of the particle. The ratio K,/K, is usually replaced by the Corey shape factor S,
(Equation 3.2.1).

The relation between the fall velocity of particles and the other variables are given in Figure 3.2.1 and
Figure 3.2.2.



- il a |
16° 16 10 16 10" 16 18t 10 g
52 Wz i Teral e e
1Pl e L R T 000
8 0 e i
| - i - __Iﬂ
Gy ol L4 100;
o Stokes —* “oSTeo___ . /
I £ T i 53‘—‘:'*
i - ey
IG g A 2 i I 'Iﬂ_
=3
LTI I L LT HT o o ==
— e e = oti‘l-li- lr———'l_*—*—“"""hl-. pil S :__:_.__,:_:_- WA BV
4 IR T Dy, ft
0 == EHh -"'{.H"' T :329F 11—+
| TS S - = e ED“F am—m— -
: 9{" =i | |00 °F i (].4
= — R | HEE s i - o 'R T —
D ,mm 0001 R [J'H!f S T re—
= :.'—":'_:';'.:;:" TS W O ik B IR O T L :""-":
i 1 O 5110 18 S W D 0 09010
i 10° Ton 10°

w, fps

Figure 3.2.1. Drag Coefficient Cp vs. Particle Reynolds Number Re,, for Spheres and Natural
Sediments with Shape Factors S, Equal to 0.3, 0.5, 0.7, and 0.9. Also, Sediment Diameter Dg vs.
Fall Velocity wand Temperature T°
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Figure 3.2.2. Nominal Diameter vs. Fall Velocity (Temperature = 24°C)

3.2.4 Sediment Size Distribution

Four methods of obtaining sediment size distribution are described herein: sieve analysis, visual

accumulation tube analysis, pebble count method, and pipette analysis. Each method for size

distribution analysis is appropriate for only a particular range of particle sizes (see Table 3.2.2). All
together the four methods provide a means of obtaining particle size distributions for most bed



material samples.

Table 3.2.2 Guide to Size Range for Different Types of Size Analysis

Analysis Quantity of
Size Range Concentration Sediment (Q)
(mg/1) or Pebbles
Sieves 0.062-32mm | = - <100 - 500
VA tube 0.062-2mm | = - 0.05-15.0
Pipette 0.002 - 0.062 mm 2,000 - 5,000 1.0-5.0
Pebble count 05-40in. | - 100 pebbles

If the sediment sample to be analyzed (bed material or suspended sediment) has considerable fine
material (Dg < .062 mm) it must be separated prior to analysis. To separate the coarser from the finer

sediment, the sediment should be wet-sieved using distilled water and a 250-mesh (0.062 mm) sieve.

The material passing through the sieve can be analyzed by pipette analysis if further breakdown of the
fine sediment is desired, or dried and included as percent finer than 0.062 mm with the analysis of the
coarser material. If it is going to be dry-sieved, the material retained on the sieve is oven dried for one

hour after all visible water has been evaporated. If the material is to be analyzed by wet-sieving or with
the accumulation tube it is not dried.

« Sieves - Size distribution in the sand and gravel range is generally determined by passing the
sample through a series of sieves of mesh size ranging from 4 mm to 0.062 mm. A minimum of
about 100 grams of sand is required for an accurate sieve analysis. More is required if the
sample contains particles of 1.0 mm or larger. Standard methods employed in soil mechanics
are suitable for determining the sieve sizes of sand and gravel sediment samples.

« The visual accumulation (VA) tube is used for determining the size distribution of the sand
fraction of sediment samples (0.062 mm < Dg < 2.0 mm). It is a fast, economical, and accurate

means of determining the fall velocity or fall diameter of the sediment. The equipment for the
visual accumulation tube analysis consists of: (1) a glass funnel about 25 cm long; (2) a rubber
tube connecting the funnel and the main sedimentation tube, with a special clamping mechanism
serving as a "quick acting" valve; (3) glass sedimentation tubes having different sized collectors;
(4) a tapping mechanism that strikes against the glass tube and helps keep the accumulation of
sediment uniformly packed; (5) a special recorder consisting of a cylinder carrying a chart that
rotates at a constant rate and a carriage that can be moved vertically by hand on which is
mounted a recording pen and an optical instrument for tracking the accumulation; and (6) the
recorder chart which has a printed form incorporating the fall diameter calibration.

In the visual accumulation tube method, the particles start falling from a common source
and become stratified according to settling velocities. At a given instant, the particles
coming to rest at the bottom of the tube are of one "sedimentation size" and are finer than
particles that have previously settled out and are coarser than those remaining in
suspension.

It has been shown that particles of a sample in the visual tube settle with greater velocities
than the same particles falling individually because of the effect of mutual interaction of the
particles. The visual accumulation tube apparatus is calibrated to account for the effects of
this mutual interaction and the final results are given in terms of the standard fall diameter

of the particles.

The visual accumulation tube method may not be suitable for some streams that transport
large quantities of organic materials such as root fibers, leaf fragments, and algae. Also,
extra care is needed when a stream transports large quantities of heavy or light minerals
such as taconite or coal. The method is explained in detail by Guy (1969).

« The pebble count method is used to obtain the size distribution of coarse bed materials (gravel




and cobbles) which are too large to be sieved. Very often the coarser material is underlain by
sands. Then the underlying sands are analyzed by sieving. The two classes of bed material are
either combined into a single distribution or used separately. The large material sizes are
measured in situ by laying out a square grid. Within the grid, all the particle sizes are measured
and counted by size intervals. For large samples a random selection of particles in the various
classes is appropriate to develop frequency histograms of sediment sizes.

A square-surface sample is obtained by picking up and counting all the surface pebbles in each
predetermined size class within a small enclosed area of the bed. The area is taken to be
representative of the whole channel bed.

The pebble count method entails measurement of randomly selected particles in the field,
often under difficult conditions. Therefore, use of the Zeiss Particle-Size Analyzer should
be considered (Ritter and Helley, 1968). For this method, a photograph of the stream bed
is made, preferably at low flow, with a 35 mm camera supported by a tripod about 2 m
above the stream bed, the height depending on the size of the bed material. A reference
scale, such as a steel tape or a surveyor's rod must appear in the photograph. The
photographs are printed on the thinnest paper available. An iris diaphragm, illuminated
from one side, is imaged by a lens onto the plane of a Plexiglass plate. By adjusting the iris
diaphragm the diameter of the sharply defined circular light spot appearing on the
photograph can be changed and its area made equal to that of the individual particles. As
the different diameters are registered, a puncher marks the counted particle on the
photograph. An efficient operation can count up to 1,000 particles in 30 minutes.

In the line sampling method of pebble count sampling, a line is laid out or placed either
across or along the stream. Particles are picked at random intervals along the line and
measured. The measured particles are classified as to size or weight and a percent finer
curve or table is prepared. Usually 100 particles are sufficient to give an accurate
classification of the size distribution of coarse materials.

The pipette method of determining gradation of sizes finer than 0.062 mm is one of the most
widely accepted techniques utilizing the Oden theory and the dispersed system of
sedimentation. The upper size limit of sediment particles which settle in water according to
Stokes is about 1/16 mm or 0.062 mm. This corresponds to the lower size limit which can be
determined readily by sieves. This size is the division between sand and silt (Table 3.2.1) and is

an important division in many phases of sediment phenomena.

The fundamental principle of the pipette method is to determine the concentration of a
suspension in samples withdrawn from a predetermined depth as a function of settling
time. Particles having a settling velocity greater than that of the size at which separation is
desired will settle below the point of withdrawal after elapse of a certain time. The time and
depth of withdrawal are predetermined on the basis of Stokes law.

Satisfactory use of the pipette method requires careful and precise operation to obtain
maximum accuracy in each step of the procedure. Also, for routine analysis, special
apparatus can be set up for the analysis of a large number of samples. A complete
description of a laboratory setup and procedure for this method is given by Guy (1969).

The presentation of sediment size analysis is made with:

Frequency Curves - A histogram is a graphical representation of the number, weight, or volume
percentage of items in given class intervals. An example of a histogram is shown in Figure
3.2.3a. The abscissa scale represents the class intervals, usually in geometric progression, and
the ordinate scale represents either actual concentration or percent (by number, volume, or
weight) of the total sample contained in each class interval. If the class intervals are small, the
shape of the histogram will approach a continuous curve. The successive sizes employed in the
size analysis of sediment are usually in ratios of 2 or_f5-
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Figure 3.2.3. Frequency Curves

When the ordinates of successive classes are added and plotted against the upper limit of
the size class, the cumulative distribution diagram is obtained (see Figure 3.2.3b.) In this
diagram, the abscissa scale (usually logarithmic) represents the intervals of the size scale

and the ordinate scale is the cumulative percent by weight of the sample up to (or percent
finer than) the size in question.

« Quartile and Moment Measures - In a size frequency distribution curve, it is possible to choose
certain particle sizes as representing significant values, such as particles just larger than
one-fourth of the distribution D5 (the first quartile), and particles just larger than three-fourths of
the distribution D75 (the third quartile). Measures of spread are based on differences or ratios
between the two quartiles. Quartile measures are confined to the central half of the frequency
distribution and the values obtained are not influenced by larger or smaller sizes. Quartile

measures are very readily computed, and most of the data may be obtained directly from the
cumulative curve by graphic means.

In contrast to quartile measures, moment measures are influenced by each individual size
class in the distribution. The first moment of a frequency curve is its center of gravity and is
called the arithmetic mean and is the average size of the sediment. The second moment is
a measure of the average spread of the curve and is expressed as the standard deviation
of the distribution.

Commonly the size distribution of natural sediments plots as a straight line on log
probability paper. If this is true, then a natural sediment is completely described by the
median diameter (the size of sediment of which 50% is finer) and the slope of the
cumulative frequency line on log probability paper. The slope of this line is proportional to
the spread of the size distribution in a sediment sample. It is computed with the expression

_11DBsp _ Day
2Dy Dgp

(3.2.9)

Where
G = gradation coefficient

D, = the sediment diameter particle of which x percent of sample is finer.

An example problem for determining sediment properties is given in Appendix 3, Problem 3.1.




3.2.5 Specific Weight

Specific weight is weight per unit volume. In the English system of units, specific weight is usually
expressed in units of pounds per cubic foot and in the metric system, in grams per cubic centimeter. In
connection with granular materials such as soils, sediment deposits, or water sediment mixtures, the
specific weight is the weight of solids per unit volume of the material including its voids. The
measurement of the specific weight of sediment deposits is determined simply by measuring the dry
weight of a known volume of the undisturbed material.

3.2.6 Porosity

The porosity of granular materials is the ratio of the volume of void space to the total volume of an
undisturbed sample. To determine porosity, the volume of the sample must be obtained in an
undisturbed condition. Next, the volume of solids is determined either by liquid displacement or
indirectly from the weight of the sample and the specific gravity of material. The void volume is then
obtained by subtracting the volume of solids from the total volume.

3.2.7 Cohesion

Cohesion is the force by which particles of clay are bound together. This force is the result of ionic
attraction among individual particles, and is a function of the type of mineral, particle spacing, salt
concentration in the fluid, ionic valence, and hydration and swelling properties of the constituent
minerals.

Clays are alumino-silicate crystals composed of two basic building sheets, the tetrahedral silicate
sheet and the octahedral hydrous aluminum oxide sheet. Various types of clays result from different
configurations of these sheets. The two main types of clays are kaolinite and montmorillonite. Kaolinite
crystals are large (70 to 100 layers thick), held together by strong hydrogen bonds, and are not readily
dispersible in water. Montmorillonite crystals are small (3 layers thick) held together by weak bonds
between adjacent oxygen layers and are readily dispersible in water into extremely small particles.

Several laboratory and field measurement techniques are available for determining the magnitude of
cohesion, or shear strength, of clays. Among these, the vane shear test, which is performed in the field
is one of the simplest. The vane is forced into the ground and then the torque required to rotate the
vane is measured. The shear strength is determined from the torque required to shear the soil along
the vertical and horizontal edges of the vane.

3.2.8 Angle of Repose

T