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FOREWORD

It took an act of Congress to provide funding for the development of this comprehensive
handbook in steel bridge design. This handbook covers a full range of topics and design
examples to provide bridge engineers with the information needed to make knowledgeable
decisions regarding the selection, design, fabrication, and construction of steel bridges. The
handbook is based on the Fifth Edition, including the 2010 Interims, of the AASHTO LRFD
Bridge Design Specifications. The hard work of the National Steel Bridge Alliance (NSBA) and
prime consultant, HDR Engineering and their sub-consultants in producing tlis handbook is
gratefully acknowledged. This is the culmination of seven years of effort be ing in 2005.

The new Steel Bridge Design Handbook is divided into several topics and les as
follows:

Bridge Steels and Their Properties
Bridge Fabrication

Steel Bridge Shop Drawings

Structural Behavior

Selecting the Right Bridge Type
Stringer Bridges ‘
Loads and Combinations
Structural Analysis
Redundancy

Limit States

Design for Constructibility
Design for Fatigue
Bracing System Desig
Splice Design
Bearings
Substructure

ce-span Continuous Straight I-Girder Bridge

: Two-span Continuous Straight I-Girder Bridge

: Two-span Continuous Straight Wide-Flange Beam Bridge
: Three-span Continuous Straight Tub-Girder Bridge
Design Example: Three-span Continuous Curved I-Girder Beam Bridge
Design Example: Three-span Continuous Curved Tub-Girder Bridge

These topics and design examples are published separately for ease of use, and available for free
download at the NSBA and FHWA websites: http://www.steelbridges.org, and
http://www.thwa.dot.gov/bridge, respectively.



http://www.fhwa.dot.gov/bridge/
http://www.steelbridges.org/

The contributions and constructive review comments during the preparation of the handbook
from many engineering processionals are very much appreciated. The readers are encouraged to
submit ideas and suggestions for enhancements of future edition of the handbook to Myint Lwin
at the following address: Federal Highway Administration, 1200 New Jersey Avenue, S.E.,
Washington, DC 20590.




1.0 INTRODUCTION

In 1993, the American Association of State Highway and Transportation Officials (AASHTO)
adopted the Load and Resistance Factor Design (LRFD) specifications for bridge design. The
First Edition of the design specifications was published by AASHTO in 1994. The publication of
a Second Edition followed in 1998, along with the publication of the First Edition of a
companion document — the AASHTO LRFD Bridge Construction Specifications. The design
specifications are available in either customary U.S. units or in SI (metric) units, whereas the
construction specifications are currently only available in SI units. The LRFD specifications
were approved by AASHTO for use as alternative specifications to the HTO Standard
Specifications for Highway Bridges.

specifications that would eliminate any gaps and inconsistencieg ; pecifications,
incorporate the latest in bridge research, and achieve more gins of safety or

specifications in an LRFD-based format, Wthh takes the va

elements into account through the appllcatlo?f stajd ods, but presents the results in a
manner that is readily usable by bridge designe cussion of the evolution of the
LRFD design specifications and commentary is RP Research Results Digest
198 (available from the Transportation Res and elsewhere, and will not be repeated
herein.

The design of steel structures is covere the AASHTO Fifth Edition of the LRFD
Bridge Design Specification [1 rein as AASHTO LRFD (5™ Edition, 2010). The

Fifth Edition of the design sp
straight steel I- and box-ggcti embers within Articles 6.10 and 6.11, respectively.
These provisions are str implLid¥ their logic, organization and application, while also
provisions provide a unified design approach for both
ed girders within a single specification, which allows for overall
for bridges that contain both straight and curved spans. The
basic applid ons to the design of straight steel I-section flexural members is
illustrated t example presented herein. The example illustrates the design of a
typical three- continuous straight steel I-girder bridge with spans of 140'-0" — 175'-0" —
140"-0". ally, the example illustrates the design of selected critical sections from an
exterior girder afgilie strength, service and fatigue limit states. Constructibility checks, stiffener
and shear connectOr designs are also presented.



2.0 OVERVIEW OF LRFD ARTICLE 6.10

The design of I-section flexural members is covered within Article 6.10 of the AASHTO LRFD
(5™ Edition, 2010). The provisions of Article 6.10 are organized to correspond to the general
flow of the calculations necessary for the design of I-section flexural members. Each of the sub-
articles are written such that they are largely self-contained, thus minimizing the need for
reference to multiple sub-articles to address any of the essential design considerations. Many of
the individual calculations and equations are streamlined and selected resistance equations are
presented in a more general format as compared to earlier LRFD Specificatjons (prior to the 3™
Edition). The sub-articles within the Fifth Edition Article 6.10 are organize

6.10.1  General

6.10.2  Cross-section Proportion Limits
6.10.3  Constructibility

6.10.4  Service Limit State

6.10.5 Fatigue and Fracture Limit State
6.10.6  Strength Limit State

6.10.7  Flexural Resistance - Composite Sections in Positi

6.10.8 Flexural Resistance - Composite Sections in and Noncomposite

Sections
6.10.9  Shear Resistance ‘
6.10.10 Shear Connectors
6.10.11 Stiffeners
6.10.12 Cover Plates

Appendix A - Flexural Resis i omposite [-Sections in Negative Flexure and
ions with Compact or Noncompact Webs
Appendix B - Moment i Interior-Pier I-Sections in Straight Continuous-Span

Steel Bridge Superstructures
culations for Flexural Members

negative flexure and noncomposite I-sections, the provisions of
the nominal flexural resistance to a maximum of the moment at first yield.
As a result, thd@lominal flexural resistance for these sections is conveniently expressed in terms
of the elasticaligcomputed flange stress. When these sections satisfy specific steel grade
requirements and®have webs that are classified as either compact or noncompact, the optional
provisions of Appendix A may be applied instead to determine the flexural resistance, which may
exceed the moment at first yield. Therefore, the flexural resistance is expressed in terms of
moment in Appendix A. The provisions of Appendix A are a direct extension of and are fully
consistent with the main provisions of Article 6.10.8.

The previous Specifications defined sections as either compact or noncompact and did not
explicitly distinguish between a noncompact web and a slender web. The current provisions



make explicit use of these definitions for composite I-sections in negative flexure and
noncomposite [-sections because the noncompact web limit serves as a useful anchor point for a
continuous representation of the maximum potential section resistance from the nominal yield
moment up to the plastic moment resistance. Because sections with compact or nearly compact
webs are less commonly used, the provisions for sections with compact or noncompact webs
have been placed in an appendix in order to simplify and streamline the main provisions. The
main provisions within the body of Article 6.10 may be used for these types of sections to obtain
an accurate to somewhat conservative determination of the flexural resistance calculated using
Appendix A. For girders that are proportioned with webs near the noncompgact web slenderness
limit, the provisions of Article 6.10 and Appendix A produce the same strcWg@h for all practical
purposes, with the exception of cases with large unsupported lengths som gs encountered
during construction. In these cases, Appendix A gives a larger more accu resistance
calculation. In the example to follow, a slender-web section is utilized
section in regions of negative flexure and for the noncomposite section
flexure before the concrete deck has hardened. As a result, the
must be applied for the strength limit state and constructibility
optional Appendix A is not applicable.

Minor yielding at interior piers of continuous spans results i i of the moments. For
straight continuous-span flexural members ¢at sajd restrictions intended to ensure
adequate ductility and robustness of the pier" segti al procedures of Appendix B
may be used to calculate the redistribution mo e and/or strength limit states.
These provisions replace the former ten-p ibution allowance as well as the former

inelastic analysis procedures. T ulated percentage redistribution from
interior-pier sections. This approac ome€nt envelopes and does not require the
direct use of any inelastic analysis. A dures are substantially simpler and more
streamlined than the inelastic i edures of the previous Specifications. Where

appropriate, these provisions
the bridge or between fig

use prismatic sections along the entire length of
can improve overall fatigue resistance and provide

significant fabrication ¢ the necessary steps could be taken to allow moment
redistribution in the e rein, the provisions of Appendix B are not applied.
Flow cha f I-sections, along with an outline giving the basic steps for steel-
bridge sup 8s re provided in Appendix C. Fundamental section property
calculations [

for consideratiofg@f combined major-axis bending and flange lateral bending from any source in
both straight and Worizontally curved I-girders. As such, general design equations are provided
that include the consideration of both major-axis bending and flange lateral bending. For straight
girders, flange lateral bending is caused by wind and by torsion from various origins. Sources of
significant flange lateral bending due to torsion include eccentric slab overhang loads acting on
cantilever forming brackets placed along exterior members, staggered cross-frames, and
significant support skew. When the above effects are judged to be insignificant or incidental, the

flange lateral bending term, f,, is simply set equal to zero in the appropriate equations. The



example to follow considers the effects of flange lateral bending caused by wind and by torsion
due to the effects of eccentric slab overhang loads.

'Q
\
™




3.0 DESIGN PARAMETERS
The following data apply to this example design:

Specifications: 2010 AASHTO LRFD Bridge Design Specifications, Customary U.S.
Units, Fifth Edition

Structural Steel: AASHTO M 270 Grade HPS 70W (ASTM A 709 Grade HPS 70W)
uncoated weathering steel with Fy = 70 ksi (for te flanges in regions
of negative flexure)

weathering steel with F, = 50 ksi (for all other oss-frame

components)

The example design utilizes uncoated weathering steel. Where 3
successful application, uncoated weathering steel is the most {
terms of savings in both initial and future repainting costs. ¢

widely accepted as cost-effective, currently representing a paseent of the steel-bridge
market. However, it has also frequently b i e of inexperience or ignorance
about the properties of the material. To co crease the confidence in its
performance, the FHWA issued a Technical A ) in 1989 entitled Uncoated
Weathering Steel in Structures. The gua ined in this document, developed in
cooperation with the steel indu
environments for the use of weatheri . elines also suggest good detailing practice
to help ensure successful applicati

In regions of negative flexure
A 709 Grade HPS 70W hg
web. Grade HPS 70W,

n utilizes a hybrid section consisting of ASTM
eel (HPS) flanges and an ASTM A 709 Grade 50W

available in [J@tc up to 2 inches and in maximum plate lengths from approximately
°s depending on weights. Q&T HPS is available in plate thicknesses up to 4
inches, but bed@se of the furnaces that are used in the tempering process, is subject to a
i gth limitation of 600 inches or less depending on weights. Therefore, when
Q&T HPS is used, the maximum plate-length limitation should be considered when laying out
flange and web transitions. Current information on maximum plate length availability can be
obtained by contacting a steel producer. Guidelines for fabrication using Grade HPS 70W steel
are available in the AASHTO Guide Specifications for Highway Bridge Fabrication with HPS
70W Steel. HPS is finding increasing application in highway bridges across the U.S., with
hybrid designs utilizing Grade HPS 70W flanges in conjunction with a Grade HPS 50W web
being the most popular application.




Concrete: ! =4.0ksi
Slab Reinforcing Steel: AASHTO M 31, Grade 60 (ASTM A 615, Grade 60) with F, = 60 ksi

Permanent steel deck forms are assumed between the girders; the forms are assumed to weigh
15.0 psf. The girders are assumed to be composite throughout.

For the fatigue design, the Average Daily Truck Traffic (ADTT) in one direction, considering the
expected growth in traffic volume over the 75-year fatigue design life, is med to be 2,000

)
N




4.0 STEEL FRAMING
4.1. Span Arrangement

Proper layout of the steel framing is an important part of the design process. The example bridge
has spans of 140'-0" — 175'-0" — 140’-0", with the span lengths arranged to give similar positive
dead load moments in the end and center spans. Such balanced span arrangements (i.e. end
spans approximately 0.8 of the length of the center spans) in multiple continuous-span steel
bridges result in the largest possible negative moments at the adjacent pierggalong with smaller
concomitant positive moments and girder deflections. As a result, the op
girder in all spans will be nearly the same resulting in a much more efficient d

competitive situations, steel has been compelled to use a particular span
been optimized for an alternate design. In a competitive situgj e pie ations are
flexible and if the spans have been optimized for the alternate ¢@g 9’ span arrangement for

where there are severe depth restrictions or where it is d
certain overpass-type structures), it may be desirable to pr \
cases where there are no such restrictions orfeds i be more economical to extend
the end spans to provide a balanced span ratio.gThi the costs associated with the
possible need for tie-downs at the end bearings, epths and additional moment
in some spans. In curved structures, extensj spans may also permit the use of radial

It should be noted that the most efficien etitive steel bridge system can result only
when the substructure for the s evaluated and designed concurrently with the
superstructure.  Although th d substructure act in concert, each is often
analyzed for separate loa
analytically. Substruc

chosen for the substru
unknowing

n past experience or the desire to be conservative, may
icient steel design. Substructure form also has a marked effect on
e structure. When the site dictates difficult span arrangements
e only material of choice. However, its efficiency often suffers
oundations developed for other materials.

For major proj§88s, superstructure and substructure cost curves should be developed for a series
of preliminary d@8igns using different span arrangements. Since the concrete deck costs are
constant and inddpendent of span length, they need not be considered when developing these
curves. The optimum span arrangement lies at the minimum of the sum of the superstructure and
substructure costs. These curves should always be regenerated to incorporate changes in unit
costs that may result from an improved knowledge of specific site conditions. While it is
recognized that the locations of piers cannot be varied in many instances, for cases where pier
locations are flexible, the use of poorly conceived span arrangements and/or substructure form
can have the greatest total cost impact on a steel-bridge design.



4.2. Bridge Cross-Section

The example bridge cross-section consists of four (4) girders spaced at 12'-0" centers with 3'-6"
deck overhangs and an out-to-out deck width of 43'-0”. The 40’-0” roadway width can
accommodate up to three 12-foot-wide design traffic lanes. The total thickness of the cast-in-
place concrete deck is 9%" including a '4"-thick integral wearing surface. The concrete deck
haunch is 3’4" deep measured from the top of the web to the bottom of the deck. The width of
the deck haunch is assumed to be 16.0 inches. Deck parapets are each assumed to weigh 520
pounds per linear foot. A future wearing surface of 25.0 psf is also assu in the design. A
typical cross-section is shown in Figure 1:

430"
40'-0" Roadway
1|_6|l 2'_0“
9 1/2" Slab
w/ 1/2" Integral
_\ Wearing Surface
e TR
e &
o
3'_6"
The deck overhangs are i percent of the girder spacing. Reducing the girder

spacing below 12'-0"
ers. The effect of a wider girder spacing would have to
be evalua, y potential increase in the cost of the concrete deck. Wide girder

vertical dead andlive loads applied to the structure, transfer lateral wind loads from the bottom
of the girder to the deck and from the deck to the bearings, reduce any flange lateral bending
effects and transverse deck stresses and provide adequate distribution of load to ensure relatively
equal girder deflection during construction. Cost-effective design of steel-bridge superstructures
requires careful attention to details, including the design of diaphragms and cross-frames.
Although these members account for only a small percentage of the total structure weight, they
usually account for a significant percentage of the total erected steel cost.
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Cross-frames in steel-girder bridges, along with the concrete deck, provide restoring forces that
tend to make the steel girders deflect equally. During erection and prior to curing of the deck,
the cross-frames are the only members available to provide the restoring forces that prevent the
girders from deflecting independently. The restoring forces will be very small if the stiffnesses
of the adjacent girders at the cross-frame connection points are approximately equal and the
applied loads to each girder are approximately the same. For the more general case where the
girders deflect by different amounts, the cross-frames and concrete deck will develop larger
restoring forces, with the magnitude being dependent on the relative girder, cross-frame and deck
stiffnesses.

With fewer cross-frame lines, the force in each cross-frame member will increa38He some degree
of cross- frames that are provided. Stresses in the concrete deck will alsq
For a tangent composite bridge with a regular framing plan, which is the

When refined methods of analysis are used
model to determine force effects, the cross-fra be designed for the calculated
force effects. When approximate methods of an ., lateral distribution factors),
cross-frame force effects due to dead and li rally cannot be easily calculated. Thus,
as a minimum, cross- frames ar ig i
. For the most part, such an approach
has proven successful on tangent bri i ed supports or with small skews. For

deflections between girders b nced, and for all curved bridges, closer scrutiny
of cross-frame force effectgis

Since 1949, the AA cifications for steel design have specified a limit of

) iaphragm or cross-frame spacing for I-girder bridges. While this
rformance of these structures over the years, it is essentially an
the experience and knowledge that existed at that time. This
arbitrary req ¢ b removed in the LRFD specifications. Instead, the need for cross-
frames at all s of construction and the final condition is to be established by rational
analysis (Artickglo.7.4.1). Article 6.7.4.1 further states that the investigation should include, but
not be limited to@@onsideration of the transfer of lateral wind loads from the bottom of the girder
to the deck and ffm the deck to the bearings, the stability of bottom flanges for all loads when
subject to compression, the stability of top flanges in compression prior to curing of the deck and
the distribution of vertical dead and live loads applied to the structure. Diaphragms or cross-
frames required for conditions other than the final condition may be specified to be temporary
bracing. Based on the preceding considerations, the cross-frame spacings shown on the framing
plan in Figure 2 were chosen for this example.

11



Although the AASHTO design specifications are generally member based, the overall behavior
of the entire bridge system must also be considered, particularly during the various stages of
construction. As will be demonstrated later on in the design example, the noncomposite bridge
structure acts as a system to resist wind loads during construction. The example calculations will
illustrate how a couple of panels of top lateral bracing, as shown in the interior bays adjacent to
the interior piers in Figure 2, can be added, if necessary, to provide a stiffer load path for wind
loads acting on the noncomposite structure during construction. The lateral bracing helps to
reduce the lateral deflections and lateral flange bending stresses due to the wind loads. A
rational approach is presented to help the Engineer evaluate how many pangls of lateral bracing

horizontal movements of the girders that may occur during construction,|
spans (e.g. spans exceeding approximately 200 feet). Unlike building
restrained against the ground by gravity and cannot translate with g
bridge girders are generally free to translate longitudinally
Lateral bracing provides a triangulation of the members to help
the girders and cross-frames from significantly changing
respect to each other. Bottom lateral bracing can serve
above, but unlike top bracing, would be s ct tQgsionific
structure that would have to be considered shotildghe

f to those described
live-load forces in the finished
ft in place.

4.4, Field Section Sizes

eight and length considerations. The
Engineer should consult with fabricato i specific restrictions that might influence

span and two field splices ass
line of girders, or 20 field idge (Figure 2).

5 € Field € Field
% | Splice 82'.0" | Splice g4 g
1 Field Section 2 Field Section 3
] (2 Req'd)
[ Top Lateral
b Bracing (Typ.) |
8
@ |
™ 1
|
|
Va |
\Q Girder Cross Frame |
| (Typ) (Typ) | !
Cross Frame ! 5 Spa at 240" 200" | 200" 5 Spa at 270" |
Spacing | | |
Span | 140'-0" i 87'6" !
l Span 1 | Half Span 2 1. Symm. Abt.
€ End Bearing € Pier 1 Span 2

Figure 2: Framing Plan
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5.0 PRELIMINARY GIRDER SIZES
5.1. Girder Depth

The proper girder depth is another extremely important consideration affecting the economy of
steel-girder design. In the absence of any depth restrictions, Article 2.5.2.6.3 provides suggested
minimum span-to-depth ratios. From Table 2.5.2.6.3-1, the suggested minimum depth of the
steel section in a composite I-section in a continuous span is given as 0.027L, where L is the
span length in feet. Using the longest span of 175'-0", the suggested minim epth of the steel
section is:

0.027(175.0) = 4.725 ft = 56.7 in

Since there are no depth restrictions in this case, a deeper stee provide

noted that the optimum web depth is usually also greater, thd e S ed minimum web
depth). Therefore, the suggested minimum overall de gokite [-section in a
continuous span, equal to 0.032L, from Table 2.5.2.6.3-1 wi C or the steel section:

4

0.032(175.0) = 5.60 ft = 67.2 in.

A web depth of 69 inches is used.

5.2. Cross-section Proportions

Cross-section proportion limits sections are specified in Article 6.10.2.1. In the
span ranges given for this ¢
anticipated. For webs withgut itudi tiffeners, webs must be proportioned such that:

D

~ <150 Eq. (6.10.2.1.1-1)

Rearrangin

Because of concerns about the web bend-buckling resistance at the service limit state in regions
of negative flexure and also the higher shears in these regions, try a web thickness of 0.5625
inches in regions of negative flexure and a web thickness of 0.5 inches in regions of positive
flexure. Note that the AASHTO/NSBA Steel Bridge Collaboration Guidelines for Design for
Constructibility (hereafter referred to as “the Guidelines”) recommend a minimum web thickness
0f 0.4375 inches, with a minimum thickness of 0.5 inches preferred.
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Cross-section proportion limits for flanges of I-sections are specified in Article 6.10.2.2. The
minimum width of flanges is specified as:

b, 2D/6 Eq. (6.10.2.2-2)
Therefore:

(b,). =D/6=69/6=115in.
The minimum thickness of flanges is specified as:

t, >1.1t, 02.2-3)

Or:

(t;).. =11t =1.1(0.5625)=0.62 in.

However, the Guidelines recommend a mini
(t)min = 0.75 inches.

SS 0 inches. Therefore, use

For the top flange in regions of positive flexure in
the following additional guideline
intended to provide more stable fie
need for special stiffening trusses or help limit out-of-plane distortions of the
compression flange and web duri i i

osite gitders, Article C6.10.3.4 provides
ession-flange width. This guideline is

Eq. (C6.10.3.4-1)

girder shipping piece in feet. From Figure 3, the length of the
longest fid vhich i med to also equal the length of the longest shipping piece in this
case, is 100 e 1s particular shipping piece:

< =1.176 ft =14.11n.

Based on the above minimum proportions, the trial girder shown in Figure 3 is assumed for the
exterior girder, which is assumed to control.

Because the top flange of the exterior girders will be subject to flange lateral bending due to the
effect of the eccentric deck overhang loads, and also due to wind loads during construction, top-
flange sizes slightly larger than the minimum sizes are assumed in regions of positive flexure.
The bottom flange plates in regions of positive flexure in this example are primarily sized based
on the flange-stress limitation at the service limit state specified in Article 6.10.4.2.2. However,
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in the end spans, the size of the larger bottom-flange plate in this region is controlled by the
stress-range limitation on a cross-frame connection plate weld to the tension flange at the fatigue
and fracture limit state, as will be demonstrated later. The bottom-flange sizes in regions of
negative flexure are assumed controlled by either the flange local buckling or lateral torsional
buckling resistance at the strength limit state. Top-flange sizes in these regions are assumed
controlled by tension-flange yielding at the strength limit state. At this stage, the initial trial
plate sizes in regions of negative flexure are primarily educated guesses based on experience.
Because the girder is assumed to be composite throughout, the minimum one-percent
longitudinal reinforcement required in Article 6.10.1.7 will be included in tlae section properties
in regions of negative flexure. As a result, a top flange with an area slightly S@@aller than the area
of the bottom flange can be used in these regions. Recall that the flanges in r¢8lns of negative
flexure are assumed to be Grade HPS 70W steel in this example.

Because the most economical plate to buy from a mill is between 72 arigl@ de, an
attempt was made in the design to minimize the number of thickneg t ordered
for the flanges. As recommended in the Guidelines, flange thick clected in not
less than 1/8-inch increments up to 2/ inches in thickness and ! ts over 2' inches

in thickness. Note that individual flange widths are kep ithin@®ach ﬁeld piece as
recommended in the Guidelines. The Guidelines contaln
issues pertinent to the sizing of girder fla
fabrication of the flanges. Fabricators can als
fabrication-related issues discussed herein.

the ordering of plate and the
ding these issues and all other

Flange transitions, or shop-weld i sed on design considerations, plate
length availability (as discussed ear omfcs of welding and inspecting a splice
compared to the cost of extendlng a thi . design plans should consider allowing an
option for the fabricator to eli lice by extending a thicker flange plate subject to
the approval of the Engineer I
should be realized in ord i ge butt splice. Again, the Guidelines contain more

Eq. (6.10.2.2-1)

0.1<>=<10 Eq. (6.10.2.2-4)

yt

where: I,c= moment of inertia of the compression flange of the steel section about the vertical
axis in the plane of the web (in.")
Iy = moment of inertia of the tension flange of the steel section about the vertical axis in
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the plane of the web (in.*)

These criteria are each checked for the most critical case (refer to Figure 3):

b _ 18 =103<12.0 ok
2t,  2(0.875)

All other flanges have a ratio of by/2t; less than 10.3.

1(16)°
Le 12 _
I, 1375018
12

0.1<0.51<10 ok

At all other sections, the ratio of I/l is greater than 0.51 arf@les

N
>
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Figure 3: Elevation of Exterior Girder
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6.0 LOADS
6.1. Dead Loads
As specified in Article 3.5.1, dead loads are permanent loads that include the weight of all

components of the structure, appurtenances and utilities attached to the structure, earth cover,
wearing surfaces, future overlays and planned widenings.

of all the structure
tility loads. For
C acting on

In the LRFD specification, the component dead load DC is assumed to consj
dead load except for any non-integral wearing surfaces and any specific
composite steel-girder design, DC is assumed divided into two separate parts
the non-composite section (DC;), and 2) DC acting on the composite sectiq

positive flexure is calculated by transforming the concret
account in an approximate way for the effect of concrete c
of negative flexure, the long-term composit: i d to consist of the steel section
plus the longitudinal reinforcement within t i
6.10.1.1.1c).

As discussed previously, cross-fi idoes, along with the concrete deck,
iders'deflect equally. Under the component

cross-frames are the only me i to provide the restoring forces that prevent the
girders from deflecting indep
generally negligible, it is reasonable to assume for

typical deck overhangs 1 approximately equal girder stiffnesses at points of
connection of the cro eht bridges with approximately equal-size girders and
bearing li e than approximately 10° from normal) that all girders in the cross-
section w equally. This assumption has been borne out analytically and in
the field. & potentially lead to problems in the field, particularly when the
DC, deflecti refore, in this example, the total DC, load will be assumed equally

girder in the cross-section. Note that Article 4.6.2.2.1 permits the permanent
o be distributed uniformly among the girders when certain specified conditions

distributed to
load of the dec}
are met.

In the following, the unit weight of concrete is taken equal to 0.150 kef (more conservative than
Table 3.5.1-1), the concrete deck haunch width is taken equal to 16.0 inches, and the deck
haunch thickness is conservatively taken equal to 2.75 inches (refer also to Figure 1):

Component dead load (DC,):
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95(

Concrete deck 5 43. 0)(0 150) 5.106 kips/ft (includes IWS)

i 16/2 :
Concrete deck overhang tapers =2 %[13 ; 10_ 9.5}(3.5 - %H(OJSO) =0.142 kips/ft
Concrete deck haunches =4 %}(U 150) =0.183 kips/ft
: i 16 .
Stay-in-place forms =3112.0— E}(O.OIS) =0.480 kips/ ft
Cross-frames and details =0._1 20 kips/ft
DC, load per girder =6.031 kips/ft + 4 girders = 1.508 kips/ft If-weight

DW in the AASHTO LRFD (5™ Edition, 2010) consists of the dead loa
wearing surfaces and any utilities. DW is also assumed carried
section. DC, and DW are separated because different perma j Ofs yp (Table
3.4.1-2) are applied to each load.

e customary practice for many
ing specified conditions. Over
ncrete barriers that are often

width and equally distributed to each girder
years and is also permitted in Article 4.6.2.2.
time, there has been a significant increase in t

placed at the outer edges of the concrete de ined methods of analysis are employed,
these concrete barrier loads (the D uld be applied at their actual locations
at the outer edges of the deck, which erio®girders carrying a larger percentage of

to an exterior girder and the jor girder. The PennDOT DM-4 Design Manual
follows such a practice (othe i I
girder and 40 percent to the a girder, while others continue to distribute the barrier
weight equally to each gf ular case, with only four girders in the cross-section,
this is equivalent to e e total barrier weight to all the girders, but this would

not be the re more girders in the cross-section. Therefore, the DW and DC,

6.2.

In the AASHTO LRFD (5th Edition, 2010), live loads are assumed to consist of gravity loads
(vehicular live loads, rail transit loads and pedestrian loads), the dynamic load allowance,
centrifugal forces, braking forces and vehicular collision forces. Live loads of interest in this
example are the basic design vehicular live load, a specified loading for optional live-load
deflection evaluation, and a fatigue load, with the appropriate dynamic load allowance included.
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Live loads are considered to be transient loads that are assumed applied to the short-term
composite section. For computing stresses from moments, the short-term composite section in
regions of positive flexure is calculated by transforming the concrete deck using a modular ratio
of n (Article 6.10.1.1.1b). In regions of negative flexure, the short-term composite section is
assumed to consist of the steel section plus the longitudinal reinforcement within the effective
width of the concrete deck (Article 6.10.1.1.1c¢), except as permitted otherwise at the fatigue and
service limit states (see Articles 6.6.1.2.1 and 6.10.4.2.1) and when computing longitudinal
flexural stresses in the concrete deck (see Article 6.10.1.1.1d).

6.2.1. Design Vehicular Live Load (Article 3.6.1.2)

The basic design vehicular live load in the LRFD specifications is desigf#ted L-93 and
consists of a combination of the following placed within each design lane:

e adesign truck or design tandem.
e adesign lane load.

This represents a deviation from the traditional AASHTO whigithe design truck or
tandem is applied independently from the lane load. In th dard Specifications,
the lane load is treated as a separate loadigg an single concentrated loads are

superimposed onto the lane loading to produce’e

rear-axle loads varied between 14 an extteme force effects (Figure 3.6.1.2.2-1).
The 8 kip front axle is located at a c i of 14 ft from the closest rear axle. The

width with only one truck to ithi h design lane (except as discussed below). The
truck is to be positioned trgnsv@lisely withiilla lane to produce extreme force effects; however, the

deck overhang, the t i ned no closer than 1 ft from the face of the curb or
railing (Argg

The design @ielc 3.991.2.3) consists of a pair of 25 kip axles spaced 4 ft apart with a
transverse sp C qual to 6 ft.

occupying a 10 lane width positioned to produce extreme force effects. The uniform load may
be continuous or #scontinuous as necessary to produce the maximum force effect.

For continuous spans, live-load moments in regions of positive flexure and in regions of negative
flexure outside the points of permanent-load contraflexure are computed using only the HL-93
loading. For computing live-load moments in regions of negative flexure between the points of
permanent-load contraflexure, a special negative-moment loading is also considered. For this
special negative-moment loading, a second design truck is added in combination with the design
lane load (Article 3.6.1.3.1). The minimum headway between the lead axle of the second truck
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and the rear axle of the first truck is specified to be 50 ft (a larger headway may be used to obtain
the maximum effect). The distance between the two 32 kip rear axles of each of the design trucks
is to be kept at a constant distance of 14 ft. In addition, all design loads (truck and lane) are to be
reduced to 90 percent of their specified values. The live-load negative moments between points
of permanent-load contraflexure are then taken as the larger of the moments caused by the
HL-93 loading or this special negative-moment loading. The specification is currently silent
regarding spans without points of permanent-load contraflexure. It is presumed that the special
negative-moment loading should be considered over the entire span in such cases.

Live-load shears in regions of positive and negative flexure are to be comp using the HL-93
loading only. However, interior-pier reactions are to be calculated based on larger of the
shears caused by the HL-93 loading or the special negative-moment loading

In all cases, axles that do not contribute to the extreme force effects under &
neglected.

For strength limit state and live-load deflection checks, a 33 pe am{@load allowance (or
impact factor) is applied only to the design truck or tandem{@Rrti the 3 design live load
. The dynamic load
s. As a result, the dynamic load
allowance implicitly remains a function of the though the span length is not

explicitly used to compute the allowance.

epresent a particular truck, but rather
prdduced by groups of vehicles routinely
permitted on highways of various sta father" exclusions to weight laws. The

weigh-in-motion data, the res
Code live-load model, a ctions of 75-year vehicles, and were found to be
load factors. The HS20 and HS25 wvehicles, as
Standard Specifications, by themselves were not

considered resentations of the exclusion loads over a wide range of spans that

The vehicular
Article 2.5.2.6.2

e load for checking the optional live-load deflection criterion specified in
aken as the larger of:

e the design truck alone.
e 25 percent of the design truck along with the design lane load.

These loadings are used to produce apparent live-load deflections similar to those produced by
the previous AASHTO HS20 design live loadings. It is assumed in the live-load deflection
check that all design lanes are loaded and that all supporting components are assumed to deflect
equally (Article 2.5.2.6.2). The appropriate multiple presence factors specified in Article

21



3.6.1.1.2 (discussed later) are to be applied. For composite design, Article 2.5.2.6.2 also permits
the stiffness of the design cross-section used for the determination of the deflection to include the
entire width of the roadway and the structurally continuous portions of any railings, sidewalks
and barriers. The bending stiffness of an individual girder may be taken as the stiffness,
determined as described above, divided by the number of girders. Live-load deflection is
checked using the live-load portion of the SERVICE I load combination (Table 3.4.1-1),
including the appropriate dynamic load allowance.

6.2.3. Fatigue Load (Article 3.6.1.4)

The vehicular live load for checking fatigue in steel structures in the AAN
Edition, 2010) consists of a single design truck (without the lane load) wi
spacing of 30 ft (Article 3.6.1.4.1). The fatigue load is used to represent |
different types and weights in actual traffic. The constant rear-axle spacing ima at for
the 4- and 5-axle semi-trailers that do most of the fatigue damage tg S

B0 LRFD (5"

The AASHTO fatigue-design procedures given in the Standard ! i

stress range with an artificially low number of stress cycles
specified fatigue load in the LRFD speciﬁcv

produced by the loadings in the Standard Spectti ction in calculated stress range
is offset by an increase in the number of cyc be considered in the LRFD
specifications. The lower stress range and thgsd umber of cycles are believed to be more

design life. This Average Dai
of the Average Daily Traffic
about 20,000 vehicles
data, Table C3.6.1.4.
gucks in the

ehicles), which research has shown to be limited to
er normal conditions. In the absence of site-specific
ary to Article 3.6.1.4.2 may be used to estimate the
c. The frequency of the fatigue load is then taken as the single lane
TT)s.. In the absence of better information, (ADTT)s. can be
TT by the fraction of truck traffic in a single lane p given in
ved adequate to assume that only one fatigue truck is on the bridge

computed 8§

Two FATIGUEW@&d combinations are given in Table 3.4.1-1 of the AASHTO LRFD (5th Edition,
2010). The FATYGUE I load combination is to be used when designing a detail or component
for an infinite fatigue life, and a load factor of 1.5 is applied to the fatigue stress range. The
FATIGUE 1I load combination is to be used when designing a detail or component for a finite
fatigue life, and a load factor of 0.75 is applied to the fatigue stress range.

The load factor of 0.75 for the FATIGUE II load combination, applied to the single design truck,

reflects a load level found to be representative of the effective stress range of the truck
population with respect to a small number of stress range cycles and to their cumulative effects
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in steel elements, components, and connections for finite fatigue life design. The load factor of
1.5 for the FATIGUE I load combination, applied to the single design truck, reflects the load
levels found to be representative of the maximum stress range of the truck population for infinite
fatigue life design. The load factor for FATIGUE I was chosen on the assumption that the
maximum stress range in the random variable spectrum is twice the effective stress range caused
by the FATIGUE II load combination.

Which fatigue load combination to use is dependent on the detail or component being designed
and the projected 75-year single lane Average Daily Truck Traffic, (AR T)s;. Except for
fracture critical members, as stated in Article 6.6.1.2.3, when the (ADTT)JNgls, greater than the
value specified in Table 6.6.1.2.3-2 of the LRFD Specifications, the compone/¥l@& detail should

subjected to high traffic volumes.  For details on bridges wi volumes, or
lower category details, the FATIGUE II combination is used, WillcrcgifC {iflle life resistance of
the detail is computed from an equation defining the slo
detail. However, for non-fracture critical members, the desi check that the stress
range due to the FATIGUE I load combinati‘is le ant-amplitude fatigue threshold,
thus ensuring an infinite fatigue life.

onsidered if the maximum tensile stress
tail is greater than or equal to the
unfactored permanent load compress etatY, as specified in Article 6.6.1.2.1.

It is important to remember that fatigue is

distribution factors for one tr;
bridge is analyzed by any gefi
and longitudinally to m
dynamic load allowan

e single design truck is to be positioned transversely
range at the detail under consideration. A reduced
be applied to the fatigue load (Article 3.6.2).

6.3. NOWEac

The design » @Pressure, Pp, used to compute the wind load on the structure, WS, is
determined ag@pccified in Article 3.8.1. It will be assumed that the example bridge
superstructure 1§85 feet above the low ground and that it is located in open country.

In the absence of¥fmore precise data, the design horizontal wind pressure is to be determined as

follows:
2
\% '
P, =Py| 2% | =P, —% Eq. (3.8.1.2.1-1
° B(VBJ # 10,000 e )
where: Py = base wind pressure 0.050 ksf for beams (Table 3.8.1.2.1-1)
Vpz = design wind velocity at design elevation, Z (mph)
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Vg = base wind velocity at 30 ft height 100 mph

For bridges or parts of bridges more than 30 feet above low ground, Vpz is to be adjusted as
follows:

\Y z
V,, = 2.5V0(V—3°]1n(Z—J Eq. (3.8.1.1-1)

B o

where: V, = friction velocity = 8.20 mph for open country (Table 3.8.1
Vi, = wind velocity at 30 feet above low ground = Vg = 100 mph if
better information

e absence of

Z = height of the structure measured from low ground (> 30
Z, = friction length of upstream fetch = 0.23 feet for open cou A-1)
Therefore,
100 35
V,, =2.5(8.20) — |In| —— |=103.0 mph
bz ( )(woj (0.23) P
2
P, =0.050 M =0.053 kst
10,000
Pp is to be assumed uniformly distri exposed to the wind. The exposed area is
to be the sum of the area of all com in elevation taken perpendicular to the

ind is to be varied to determine the extreme force
es where the wind is not taken as normal to the
ts of the base wind pressure, Pp, for various angles
h) are given in Table 3.8.1.2.2-1. The angles are
r to the longitudinal axis. As specified in Article
WS, on girder spans is not to be taken less than 0.3 klf.

structure, lateral and longj
of wind direction (ass

The total wind load per unit length, w, for the case of wind applied normal to the structure is
computed as:

w=P,h__ =0.053(10.41) = 0.55 kips/ft > 0.3 kips/ft ok

exp.
Wind pressure on live load, WL, is specified in Article 3.8.1.3. Wind pressure on live load is to

be represented by a moving force of 0.1 kIf acting normal to and 6 feet above the roadway,
which results in an overturning force on the vehicle similar to the effect of centrifugal force on
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vehicles traversing horizontally curved bridges. The horizontal line load is to be applied to the
same tributary area as the design lane load for the force effect under consideration. When wind
on live load is not taken normal to the structure, the normal and parallel components of the force
applied to the live load may be taken from Table 3.8.1.3-1.

Finally, for load cases where the direction of the wind is taken perpendicular to the bridge and
there is no wind on live load considered, a vertical wind pressure of 0.020 ksf applied to the
entire width of the deck is to be applied in combination with the horizontal wind loads to
investigate potential overturning of the bridge (Article 3.8.2). This load cagg is not investigated
in this example.

6.4. Load Combinations

Four limit states are defined in the LRFD specifications to satisfy the basigie Stives of
LRFD; that is, to achieve safety, serviceability, and constructibili [
discussed in more detail later on. For each limit state, the fq oA S ation (Article
1.3.2.1) must be satisfied:

IniviQi < R, = R, Eq. (1.3.2.1-1)
where: m; = load modifier related to ductiﬁy edu operational importance
vi = load factor, a statistically based iplier ap to force effects

¢ = resistance factor, astatisti Jtiplier applied to nominal resistance
Q; = force effect

R, = nominal resistance

R, = factored resistanc

The load factors are specificgilii A1 and 3.4.1-2 of the specifications. For steel
structures, the resistance

odification. Improved quantification of these effects may be possible in the
or which a maximum value of y; is appropriate:

attempt at thd
future. For load

1

=— <1.0 Eq. (1.3.2.1-2)
NpMr M1

i

where: mp = ductility factor specified in Article 1.3.3
Nr = redundancy factor specified in Article 1.3.4
N1 = operational importance factor specified in Article 1.3.5
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For loads for which a minimum value of y; is appropriate:

n=— <10 Eq. (1.3.2.1-3)

NpMNr My

For typical bridges for which additional ductility-enhancing measures have not been provided
beyond those required by the specifications, and/or for which exceptional levels of redundancy
are not provided, the three n factors have default values of 1.0 specified at the strength limit
state. At all other limit states, all three 1 factors must be taken equal to 1: herefore, for the
example design, n; will be taken equal to 1.0 at all limit states.

The load combinations are presented in Table 3.4.1-1. STRENGTH I is t
be used for checking the strength of a member or component under norma
wind. The basic STRENGTH I load combination is 1.25 times theaas
components (e.g. the concrete deck and parapets), plus 1.5 times
wearing surfaces and utilities, plus 1.75 times the design live lo
of the structure during construction, the load factor for con
dynamic effects (i.e. temporary dead and/or live load
construction) is not to be taken less than 1.3 in th STRE TH ['10ad combination (Article
3.4.2). Also, the load factor for any non-iWegra face and utility loads may be
reduced from 1.5 to 1.25 when evaluating the co ction

To check the strength of a membe
wind, the STRENGTH II load
combination is the same as the STR
reduced to 1.35.

ecial permit loadings in the absence of
used. The STRENGTH II load
mbination with the live-load load factor

The STRENGTH III load ¢ inati to Ve used for checking strength of a member or
I o a wind velocity exceeding 55 miles per hour in the
H 1II load combination is 1.25 times the permanent
load of member compo .5 times the load due to any non-integral wearing surfaces

and utilit/GSSlms, 1.4 ti wind load on the structure. Note that the load factor for wind
may be re ! 1.25 when checking the STRENGTH III load combination
during cons ; 4.2). Also, for evaluating the construction condition, the load
factor for te dead loads that act on the structure during construction is not to be taken

less than 1.25
reduced from 1.

d the load factor for any non-integral wearing surface and utility loads may be
p 1.25.

In the STRENGTH IV load combination, all permanent-load effects (for both the construction
and final conditions) are factored by 1.5 and both live- and wind-load effects are not included.
For the bridge in its final condition, the STRENGTH IV load combination basically relates to
very high dead-to-live load force effect ratios. For longer-span bridges in their final condition,
the ratio of dead-to-live load force effects is very high and could result in a set of resistance
factors different from those determined to be suitable for the sample of smaller-span bridges
(with spans not exceeding 200 ft) that were used in the calibration of the specification. Rather
than using two sets of resistance factors with the STRENGTH I load combination, it was decided
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that it would be more practical to include this separate load case. It has also been found that this
particular load combination can control during the investigation of various construction stages.

Finally, the STRENGTH V load combination is to be used to check the strength of a member or
component assuming the bridge is exposed to a wind velocity equal to 55 miles per hour under
normal use. The basic STRENGTH V load combination is 1.25 times the permanent load of
member components, plus 1.5 times the load due to any non-integral wearing surfaces and
utilities, plus 1.35 times the design live load (or any temporary live loads acting on the structure
when evaluating the construction condition), plus 0.4 times the wind load g@ the structure, plus
1.0 times the wind on the live load. For evaluating the construction S@hdition under the
STRENGTH V load combination, the load factor for temporary dead loadSkat act on the
structure during construction is not to be taken less than 1.25 and the log [OWRr any non-
integral wearing surface and utility loads may be reduced from 1.5 to 1.25.

EXTREME EVENT 1 is the load combination including eag : \ X TREME
EVENT Il is the load combination relating to vehicle and ship cq @ X |

SERVICE I relates to normal operational use of the bridge , g@primarily for crack
control in reinforced concrete structures. However, the live he SERVICE I load
combination is used for checking live-load d?acti iy stee

for steel structures and corresponds to the if@Standard Specifications. In the
SERVICE II load combination, the permanent- re all reduced to 1.0 and the
live-load load factor is reduced to 1.3. If t I load combination is to be applied to a

SERVICE III is used for crack con coficrete structures. Finally, there are the
FATIGUE I and FATIGUE II load com i have previously been discussed.

In strength load combinations ect decreases another force effect, the specified
minimum values of the able 3.4.1-2 are to be applied instead to the

mber components would be reduced from 1.25 to 0.90.

The load {3 i e non-integral wearing surface loads (if considered in this check)
and utility QR4 ] ed from 1.50 to 0.65.

In this part e following load combinations will be evaluated. Only the
maximum pe ent-load load factors y, (from Table 3.4.1-2) are used in the following load

combinations sy@lée uplift is not a concern for this particular bridge geometry.

STRENGTH I: 1.25DC + 1.5DW + 1.75(LL+IM)

STRENGTH III: 1.25DC + 1.5DW + 1.4WS

STRENGTH IV: 1.5(DC+DW)

STRENGTH V: 1.25DC + 1.5DW + 1.35(LL+IM) + 0.4WS + 1.0WL

Load factors are modified as specified as specified in Article 3.4.2 when checking the strength of
a member or component during construction. No permit vehicle is specified in this example;
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therefore, load combination STRENGTH II is not checked. The effect of the thermal gradient is
not included. Extreme event limit state checks are also not demonstrated in this example.

SERVICE II: 1.0DC + 1.0DW + 1.3(LL+IM)

In the above, LL is the HL-93 vehicular live load or the special negative-moment loading, WS is
the wind load on the structure, and WL is the wind on the live load.

FATIGUE I: 1.50(LL+IM)
FATIGUE II: 0.75(LL+IM)

where LL is the fatigue load specified in Article 3.6.1.4.1.
SERVICE I and SERVICE III are not directly applicable to steel girder s over, the
live-load deflection check will be performed as specified in Articlg 2 )
portion of load combination SERVICE I, including the dynamic

1.00(LL+IM)

where LL is the live loading for live-load deWion uatioN@8pecified in Article 3.6.1.3.2.

S
>
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7.0 STRUCTURAL ANALYSIS

Structural analysis is covered in Section 4 of the AASHTO LRFD (5™ Edition, 2010). Both
approximate and refined methods of analysis are discussed in detail. Refined methods of analysis
are given greater coverage in the LRFD specifications than they have been in the past
recognizing the technological advancements that have been made to allow for easier and more
efficient application of these methods. However, for this particular example, approximate
methods of analysis (discussed below) are utilized to determine the lateral live-load distribution
to the individual girders, and the girder moments and shears are determinggd from a line-girder
analysis.

7.1. Multiple Presence Factors (Article 3.6.1.1.2)

Multiple presence factors to account for the probability of coincident loa ; Sehted in
Section 3 of the AASHTO LRFD (5" Edition, 2010) (Table 3.6.1.
than the factors given in the Standard Specifications. The extrey C citect is to be
anes multiplied by
the corresponding multiple presence factor. However, the resence factors are
only to be applied when the lever rule (discussed below), C fiirement for exterior
girders assuming rigid rotation of the cross i sed below), or refined analysis
methods are employed. The factors are not to Be tabularized equations for live--
load distribution factors given in the specificati

already been factored into the derivation of

As specified in Article 3.6.1.1.2, i factOrs are also not to be applied to the
fatigue limit state check for which 1 i
tabularized equation for the dj i or for one-lane loaded in the fatigue limit-state

factor. Or, when using t special analysis to compute the factor for one-lane
loaded for the exterior i checks, the 1.2 multiple presence factor is not to be
applied. The specifie ce factor for one-lane loaded results from the fact that
the statistig e LRFD specifications was based on pairs of vehicles rather than a
single ve 2 accounts for the fact that a single vehicle that is heavier than
each one O in two adjacent lanes) can still have the same probability of

The proper usd
live-load distrib®

the multiple presence factors is demonstrated below in the calculation of the
pn factors for the example bridge.

7.2. Live-Load Distribution Factors (Article 4.6.2.2)

Equations for the lateral live-load distribution factors for I-girders, based on research done under
NCHRP Project 12-26, are incorporated in the LRFD specifications. The factors vary according
to the type of deck and girders, the number of design lanes loaded, and whether the girder is an
interior or exterior girder. The factors are generally dependent on the span length, transverse
girder spacing, and the stiffness of the member.
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For example, the live-load distribution factor for the interior-girder bending moment for steel I-
girder bridges with a concrete deck loaded by two or more design lanes is given as follows
(Table 4.6.2.2.2b-1):

0.6 0.2 K 0.1
eoms+( S (S K
9.5) \L) |12.0Lt’

where: g = live-load distribution factor for bending moment (in units of 1
S = girder spacing (3.5 ft <S <16 ft)
L = spanlength (20 ft <L <240 ft) (see Table C4.6.2.2.1-1 for su
to use)
ts = structural concrete deck thickness (4.5 in. <t, <12 in.)
K, = n(l+Ae)
n = modular ratio
I
A

es)

values of L

= moment of inertia of the steel girder
= cross-sectional area of the steel girder
e; = distance from the centroid of the steel girde -poini®f the concrete deck

A different equation is given to compute the ?rib i r one-lane loaded. Note that the
results from all the formulas are given in termsS ofalan n wheels. Since the stiffness of
the girders is usually not known in advance, th i g/12.OLts3) may be taken as
unity for preliminary design. The above ¢ be used when designing in Customary
U.S. units.

supported on four or more gird
girder spacing, span length, s
engineering judgment should
the limits, or else other
upper limitation on
(discussed dae

ese equations is also subject to the limitations on
s noted above. For cases outside these limits,

ceeded, Article 4.6.2.2.1 requires that the lever rule
compute the lateral distribution of load to the individual girders,
‘ distribution factor for interior girders, as determined from the
above equd result in lower live-load bending moments than when the
moments aro ’ a factor of S/5.5 as specified previously in the AASHTO Standard
Specifications ept poss1b1y for very short spans.

For exterior gird@l when two or more design lanes are loaded, a correction factor is applied to
the computed distribution factor for the interior girders to compute the fraction of the wheel
loads distributed to the exterior girders. The correction factor depends on the distance from the
centerline of the exterior girder to the edge of the curb (Table 4.6.2.2.2d-1).

To compute the distribution factor for an exterior girder when one lane is loaded, the lever rule is
applied. The lever rule involves the use of statics to determine the wheel-load reaction at the
exterior girder by summing moments about the adjacent interior girder assuming the concrete
deck is hinged at the interior girder.

30



For steel girders utilizing diaphragms or cross-frames, it is also specified that the distribution of
live load to the exterior girders is not to be less than that computed from a special analysis
assuming the entire bridge cross-section deflects and rotates as a rigid body. This latter clause
was instituted into the specifications primarily because the distribution-factor formulas were
developed without consideration of diaphragms or cross-frames and their effect on the
distribution of load to the exterior girders of steel I-girder bridges. A formula to determine the
reaction at an exterior girder under one or more lanes of loading based on the above assumption
is given in the Commentary to Article 4.6.2.2.2d [Eq. (C4.6.2.2.2d-1)]; the procedure is
equivalent to the conventional procedure used to approximate loads on pile ggoups.

When utilizing the lever rule and the special analysis, vehicles must be placed valin their design
a load lane

width of 10 ft transversely within a 12-ft-wide design lane. Figure 3.6.1.2 at for the

wheel to each edge of the specified load lane width (note that the g
also conservatively assumed to apply to the design lane load)
lanes to be placed on the bridge is determined by taking the in /12.0, where w is
the roadway width measured between curbs. As specified , roadway widths
from 20 to 24 ft shall have two design lanes, each equal t . adway width. In the
computation of the exterior-girder distributi
loads occupying their individual load lane wi within their design lanes The
design lanes are then to be placed within the roa imize the wheel-load reaction
at the exterior girder. According to the pr rticle 3.6.1.3.1, a wheel load can be no

design traffic

from the edge of the design lane fo
positioning of the live loads on the bri

| otlfer components. These same rules for
hen performing refined analyses.

Also, as specified in Articl
inconceivable, the total lo

distribution factors given in the LRFD Specifications,
along withgh i equal distribution of the DC; loads to each girder and the suggested

increase 11 & e barrier weight assigned to the exterior girders (as discussed
above), wiNgtypicas arger total factored moments in the exterior girders than the
interior girdd ' overhangs are very small. For this reason, it is recommended that
deck overhan} 1m1ted to approximately 35 percent (or less) of the transverse girder spacing,
if possible, to @sure a reasonable balance of the total moments in the interior and exterior
girders.
Separate distribution factors are given for determining the bending moment and shear in
individual I girders. The distribution factors for shear are specified in Tables 4.6.2.2.3a-1 and
4.6.2.2.3b-1 for interior and exterior girders, respectively. Correction factors, given in Tables
4.6.2.2.2e-1 and 4.6.2.2.3c-1, may be applied to the individual distribution factors for bending

moment and shear to account, in a limited way, for the effects of skewed supports. Dead-load
effects are currently not adjusted for the effects of skew.
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The computation of the live-load distribution factors for an interior and exterior girder from the
example bridge, utilizing the approximate methods discussed above is now illustrated.

7.2.1. Live-Load Lateral Distribution Factors - Positive Flexure
The following preliminary cross-section (Figure 4) is assumed to determine the longitudinal

stiffness parameter Ky that is utilized in the approximate formulas to compute the live-load
distribution factors for regions in positive flexure (refer also to Figure 3):

>

)‘..‘, T L/
SR ST T o

j=’ o
1I| X 16“

— 1,

31/2"

13/8" x 18" ;

Figure 4: Preliminary Cros tion — e Flexure

Table 1 Preliminary S kes fo itive Flexure (Steel Only)

Component Ad* I, I

Top Flange 1" x 16" 19,600 1.33 19,601
Web 2" x 69" 13,688 13,688
Bottom Flange 138"x ~§71.0] 30,640 300] 30,633

311.0 63,942
—413(311.0)__ -1284
I, = 62658 in*

A

dEDTDFETEEL= 35.38 _4.1 3' = 31.?5 iﬂ.

T /S .
62.058 _; 9731
3175

SBC-T OF 3TEEL —

n=— Eq. (6.10.1.1.1b-1)

where E; is the modulus of elasticity of the concrete determined as specified in Article 5.4.2.4.
A unit weight of 0.145 kcf will be used for the concrete in the calculation of the modular ratio
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(since 0.005 kcf of the specified unit weight of 0.150 kef is typically assumed to account for the
weight of the reinforcement). The correction factor for source of aggregate, K, is taken as 1.0.

E, =33,000K,w!’ |/, Eq. (5.4.2.4-1)
E, =33,000(1.0)0.145)*v/4.0 = 3,644 ksi

29,000
3,644

=7.96

Note that for normal-density concrete, Article C6.10.1.1.1b permits n to b or 4.0-ksi
concrete. Therefore, n = 8 will be used in all subsequent computations.

e =9—20+35+3963 1.0=46.631n.

g

K, =n(1+Ae?)=8(62,658-+75.25(46.63F )=1

*

maximum positive moment secti
distribution factor to be used in a
separate K, in each span based on the
span in the positive-flexure regio ~ based on the actual values of the section

ining the range of applicability of the approximate
formulas; 1 specified in the individual tables containing the formulas. For
example, b the cross-section is greater than or equal to four, the transverse
girder spact g g ot equal 3'-6" and less than or equal to 16'-0", and the span length
1 qual t0°20'-0" and less than or equal to 240'-0". The limitations on K,
shear distribution factor only) and on the slab thickness are also satisfied. The
p distribution factors (in units of lanes) is illustrated below.

(specified for
computation o
7.2.1.1. Interior Girder - Strength Limit State

The live-load distribution factors for an interior girder for checking the strength limit state are
determined using the approximate formulas given in the indicated tables. Multiple presence
factors (Article 3.6.1.1.2) are not explicitly applied because these factors were included in the
derivation of these formulas. Separate factors are given to compute the bending moment and

shear. For regions in positive flexure, Table C4.6.2.2.1-1 suggests using the length of the span
under consideration for L.
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Bending Moment (Table 4.6.2.2.2b-1):

0.4 0.3 K 0.1
oose( ) (8) (e
14) \L) (12.0L8

120\ 120\ 1.81x10° )"
0.06+( j ( - j - 5 = (" lanes
14 140.0) {12.0(140.0)9.0)
Two or more lanes loaded:

0.6 0.2 K 0.1
0.075+[ij (Ej .
95) \L) |12.0Lt]

0.6 0.2
0.075{12.0) [ 12.0 j 1.8
9.5 ) \140,0) |12.0(140}

¢

One lane loaded:

07 lanes (governs)

Shear (Table 4.6.2.2.3a-1):

One lane loaded:

Two or more lanes loa

>3

2
0.2+ 120_(120 =1.082 lanes (governs)
12 35
7.2.1.2. Exterior Girder - Strength Limit State

The live-load distribution factors for an exterior girder for checking the strength limit state are
determined as the governing factors calculated using a combination of the lever rule,
approximate formulas, and a special analysis assuming that the entire cross-section deflects and
rotates as a rigid body. Each method is illustrated below. As stated in Article 3.6.1.1.2, multiple

34



presence factors are included at the strength limit state when the lever rule and the special
analysis are used. Separate factors are again computed for bending moment and shear.

Bending Moment:

One lane loaded: Use the lever rule (Table 4.6.2.2.2d-1)

The lever rule involves the use of statics to determine the lateral distribution to the exterior girder
by summing moments about the adjacent interior girder to find the wheelgload reaction at the
exterior girder assuming the concrete deck is hinged at the interior girder re 5). A wheel
cannot be closer than 2'-0" to the base of the curb (Article 3.6.1.3.1). Forthe s ed transverse
wheel spacing of 6'-0", the wheel-load distribution to the exterior girder is :

Multiplepresence factor m=1.2 (Table3.6.1.1.2-1)
1.2(0.750) = 0.900 lanes

Two or more lanes loaded:  Modify interior-girder factor by e (Table 4.6.2.2.2d-1)

e=0.77+ de
9.1
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e=0.77+ 290 =0.990
9.1

0.990(0.807)=0.799 lanes

The factor € is computed using the distance d_, where d_ is the distance from the exterior girder
to the edge of the curb or traffic barrier (must be less than or equal to 5.5 ft). d_ is negative if
the girder web is outboard of the curb or traffic barrier (must be greater than gr equal to -1.0 ft).

The multiple presence factor is not applied.
Special Analysis (C4.6.2.2.2d - Commentary):
Assuming the entire cross-section rotates as a rigid body about thg i ne of the

bridge, distribution factors for the exterior girder are also comp
loaded using the following formula:

NL Xext ZNL €

R:Nb+ szXZ ‘

R,

1 2I_0Il

3I_6ll 1 2l_0ll 6!_0"

Figure 6: Exterior-Girder Distribution Factor — Special Analysis
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where: R
Np
e
X

Xext =

Ny

reaction on exterior beam in terms of lanes

number of loaded lanes under consideration

eccentricity of a lane from the center of gravity of the pattern of girders (ft)
horizontal distance from the center of gravity of the pattern of girders to each
girder (ft)

horizontal distance from the center of gravity of the pattern of girders to the
exterior girder (ft)

number of beams or girders

Multiple presence factors (Table 3.6.1.1.2-1):

1 lane: m; =12
2 lanes: my;=1.0
3 lanes: m; = 0.85
Referring to Figure 6:
One lane loaded: R :l+ (12'0+6'0)(12'0+3'

Two lanes loaded:

Three lanes loaded:

Shear:

One lane load

4 2(18.0°+6.0°)

=0.950

6.0)(12.0+3.0+3.0-9.0)

2(18.0°+6.0°) =097

,R =0.85(0.975) = 0.829 lanes

Use the lever rule (Table 4.6.2.2.3b-1)

0.900 lanes (See previous computation)

Two or more lanes loaded:  Modify interior-girder factor by e (Table 4.6.2.2.3b-1)

e=0.6+$
10
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e :0.6+2 =0.80
10

0.80(1.082) = 0.866 lanes

Special Analysis (C4.6.2.2.2d - Commentary):

The factors computed for bending moment are also used for shear:

One lane loaded: 0.750 lanes
Two lanes loaded: 0.950 lanes (governs)
Three lanes loaded: 0.829 lanes

The resulting distribution factors used to check the strength limi
flexure are:

positive

Interior Girder
Bending Moment 0.807 lanes
Shear 1.082 laaes

7.2.1.3. Distribution Factors for Fati

When checking fatigue, the fatig
factors for one-lane loaded are us
fatigue load, as specified in Article 3.
factors shall not be applied wh the fatigue limit state. Therefore, the following
fatigue limit state in regions of positive flexure
reflect the preceding values fi ivided by the specified multiple presence factor

of 1.2 for one-lane loade al

erior Girder Exterior Girder
0.440 lanes 0.750 lanes
0.700 lanes 0.750 lanes

7.2.1.4. stribution Factor for Live-Load Deflection

According to AWicle 2.5.2.6.2, when investigating the maximum absolute live-load deflection,
all design lanes $@uld be loaded, and all supporting components should be assumed to deflect
equally. For multi-girder bridges, this is equivalent to saying that the distribution factor for
computing live-load deflection is equal to the number of lanes divided by the number of girders.
Also, the appropriate multiple presence factor from Article 3.6.1.1.2 shall apply as stated in
Article 2.5.2.6.2.
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= O.85(%} =0.638 lanes

7.2.2. Live-Load Lateral Distribution Factors - Negative Flexure

The following preliminary cross-section (Figure 7) is assumed to determ he longitudinal
stiffness parameter Ky that is utilized in the approximate formulas to co the live-load
distribution factors for regions in negative flexure (refer also to Figure 3):

9/16"

Figure 7: Prelimi n - Negative Flexure

Table 2 Preliminan i ies for Negative Flexure (Steel Only)

Component
Top Flange 2" x 1

Ad Ad? 1 I
1.278]  45360]  12.00] 45381

15399 15,399

—1,420 50410 1333 50423

~142.0 111,203
1.24(142.0)=  ~176.1
1., = 111,027in*

dyop oF srerr 2 36.50 <124 = 37.74in. dgor op steer = 36.50—1.24=3526 in.

111,027 . 111.027 .
204210 g — e 31490 3
37.74 BOTORTEEL ™ "33 26

SI‘DPEIFSTEEL =
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e, = ¥+3.5+37.74—2.0 =43.741n.

n=2=§
2 .
K, =n(l+Ae,’) =8(111,027 +114.8(43.74)*) = 2.65 x 10° in.*

Again, for preliminary design, the entire term containing Ky in the approximate formulas may be
taken as 1.0. In the preceding calculation, Ky is based on the section prop@es of the interior-
pier section. Kq may instead be computed based on the section properties Sge
section resulting in a variable distribution factor along the span within @Rative-flexure
region, or Ky may be based on the average or weighted average of the prop gach span
in the negative-flexure region.

7.2.2.1. Interior Girder - Strength Limit State

For regions in negative flexure between points of contrafex le 6.2.2.1-1 suggests
using the average length of the two adjacent spans for L.

4

Bending Moment (Table 4.6.2.2.2b-1):

2.65x10°

One lane loaded: 0.06 3
12.0(157.5)(9.0)

0.1
J =0.524 lanes

02 6 0.1
j 2.65x10 3 =0.809 lanes (governs)
157.5) |12.0(157.5)(9.0)

negative flexure for the interior girder and for the
an length and the stiftness of the girder; therefore, they
lated earlier for regions in positive flexure.

used to check strength limit state in regions of negative flexure

Interior Girder Exterior Girder

0.809 lanes 0.950 lanes

1.082 lanes 0.950 lanes
7.2.2.2. Distribution Factors for Fatigue Limit State

The following values of the distribution factors for checking the fatigue limit state in regions of
negative flexure reflect values computed previously for one-lane loaded divided by the specified
multiple-presence factor of 1.2 for one-lane loaded (Table 3.6.1.1.2-1):
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Interior Girder Exterior Girder
Bending Moment 0.437 lanes 0.750 lanes
Shear 0.700 lanes 0.750 lanes

7.3. Dynamic Load Allowance: IM (Article 3.6.2)

The dynamic load allowance is an increment applied to the static wheel load to account for
wheel-load impact from moving vehicles.

For the strength limit state and live-load deflection checks:

IM =33% (Table 3.6.2.1-1)
Factor= 1+ 2 =1.33
100

This factor is applied only to the design truck or tandem portion
to the truck-train portion of the special negative-moment loading
For the fatigue limit state checks:

93,design live load, or
W8viously.

IM = 15% (Table 3.6.2.1-1) ‘
Factor = 1+£ =1.15
100

This factor is applied to the fatigue lo
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8.0 ANALYSIS RESULTS
8.1. Moment and Shear Envelopes

The analysis results for the exterior girder (Figure 3) are shown in the following figures. As
specified in Article 6.10.1.5, the following stiffness properties were used in the analysis: 1) for
loads applied to the noncomposite section, the stiffness properties of the steel section alone, 2)
for permanent loads applied to the composite section, the stiffness properties of the long-term
composite section assuming the concrete deck to be effective over the entirgspan length, and 3)
for transient loads applied to the composite section, the stiffness propertiSg@ef the short-term
composite section assuming the concrete deck to be effective over the entirc_Sg@g length The
entire cross-sectional area of the deck associated with the exterior girder
in the analysis for loads applied to the composite section. Note that for a (
nonprismatic member, changes to individual section stiffnesses can have 38 Sffect on
the analysis results. Thus, for such a span, whenever plate si . 28tction are
revised, it is most always desirable to perform a new analysis.

In the first series of plots (Figures 8 and 9), moment and to the unfactored
dead and live loads are given. Live-load moments in region re and in regions of
negative flexure outside points of permaner?ad e are due to the HL-93 loading
(design tandem or design truck with the varrab 1 ombined with the design lane

load; whichever governs). Live-load moments 1
permanent-load contraflexure are equal t

tive flexure between points of

loading or a special negative-m ent of the effect of the tmck—tram
specified in Article 3.6.1.3.1 combi ent Of the effect of the design lane load)
Live-load shears are due to the HL-93 owever, it should be noted that interior-
pier reactions are to be calculat larger of the shears caused by the HL-93 loading

or the special negative-mom ing, indicated live-load moment and shear values
include the appropriate lateralglli actor and dynamic load allowance for the strength
component dead load acting on the noncomposite
ad acting on the long-term composite section. DW is

the weari ote that the live-load shears in Figure 9 are controlled by the
interior ¢ (the distribution factor for shear for the interior girder at the
strength li versus 0.950 lanes for the exterior girder)

The second sd
unfactored fati¥
and reduced d
values.

of plots (Figures 10 and 11) shows the moment and shear envelopes due to the
load specified in Article 3.6.1.4.1. The appropriate lateral distribution factor
nic load allowance for the fatigue limit state are included in the indicated
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8.2. Live Load Deflection

As discussed previously, the optional live-load deflection check consists of evaluating two
separate live-load conditions. Again, the two load conditions are (Article 3.6.1.3.2):

e The design truck.
e The design lane load plus 25 percent of the design truck.

The dynamic load allowance of 33 percent is applied to the design truck igeach case. A load
factor of 1.0 is applied to the live load since the live-load portion of ftl RVICE 1 load
combination is to be used in the check. The lateral distribution factor for liveslmad deflection,
computed earlier, is also used. The actual n-composite moments of ing QiR the entire
length of the girder are used in the analysis. Because live-load deflection i ed to be
a significant concern for the example bridge, the stiffness of the barriers ot i 8 in the
composite stiffness used in determining the live-load deflections. e dth of the
concrete deck associated with the exterior girder (versus the ef is used in
determining the composite stiffness, as recommended in Articl
live-load deflections.

The maximum live-load deflections in the e
the dynamic load allowance are:

wpan cent an due to the design truck plus

(A .m)endspan  =0.91in. (gg

(A, ) center span = 1.

d span and center span due to the design lane load
ic load allowance are:

91)=0.83 in.
(1.23)=1.16 in.
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9.0 LIMIT STATES
9.1. Service Limit State (Articles 1.3.2.2 and 6.5.2)

To satisfy the service limit state, restrictions on stress and deformation under regular service
conditions are specified to ensure satisfactory performance of the bridge over its service life. As
specified in Article 6.10.4.1, optional live load deflection criteria and span-to-depth ratios
(Article 2.5.2.6) may be invoked to control deformations.

Steel structures must also satisfy the requirements of Article 6.10.4.2 under INMSERVICE II load
combination. The intent of the design checks specified in Article 6.10. 308N
objectionable permanent deformations, caused by localized yielding and

limit-state check.

9.2. Fatigue and Fracture Limit State (Articles 1.3.2.
To satisfy the fatigue and fracture limit stat&e Tic ss range under regular service
conditions are specified to control crack growth loads and to prevent fracture
during the design life of the bridge (Artic .1)N\@\aterial toughness requirements are also
addressed (Article 6.6.2).

fatigue requirement for webs 1 . . also specified to control out-of-plane flexing of
the web that might potentiglly 138 cracking under repeated live loading.

9.3.

strength limit s

Although not sp&ified as a separate limit state, constructibility is one of the basic design
objectives of LRFD. The bridge must be safely erected and have adequate strength and stability
during all phases of construction. Specific design provisions are given in Article 6.10.3 of the
LRFD specifications to help ensure constructibility of steel I-girder bridges; in particular, when
subject to the specified deck-casting sequence. The constructibility checks are typically made on
the steel section only under the factored non-composite dead loads using the appropriate strength
load combinations.
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94. Extreme Event Limit State (Articles 1.3.2.5 and 6.5.5)

At the extreme event limit state, structural survival of the bridge must be ensured during a major
earthquake or flood, or when struck by a vessel, vehicle, or ice flow. Extreme event limit states
are not covered in this example.

'Q
\
™
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10.0 SAMPLE CALCULATIONS

Sample calculations for two critical sections in an exterior girder from the example bridge
follow. Section 1-1 (refer to Figure 3) represents the section of maximum positive flexure in the
end spans, and Section 2-2 represents the section at each interior pier. The calculations are
intended to illustrate the application of some of the more significant provisions contained in
Article 6.10. The sample calculations illustrate calculations to be made at the service, fatigue
and fracture and strength limit states. Detailed constructibility checks are also illustrated.
Sample stiffener designs and the design of the stud shear connectors are ingduded as well. The
calculations make use of the moments and shears shown in Figures 8 throug and the section
properties calculated below. In the calculation of the vertical bending stressSSMbroughout the
sample calculations, compressive stresses are always shown as negati 3

stresses are always shown as positive values. This convention is follo
expected sign of the calculation result, in which the sign of the major-ax i 9fhent is
maintained.

Note that a direct comparison should not be made between the t e example design
contained herein and the unit weight of the design give@ii ple f the AISI/NSBA
es”. Although the
ent dead loads are significantly
ions of negative flexure in the
provide a direct comparison
and Article 6.10 of AASHTO LRFD (5"

cross-section and span lengths are the same, ?
different in the two designs and a hybrid section j
design contained herein. This example design 1
between a girder designed using Article 6.
Edition, 2010) provisions contain

10.1. Section Properties
ections 1-1 and 2-2 is illustrated below. In

s, the structural slab thickness, or total thickness
surface, is used. The modular ratio was computed

The calculation of the secti
computing the compositegse

10.1.1.

Section 1-1 gure 12. For this section, the longitudinal reinforcement is
conservativel ected in computing the composite section properties.
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x:
3
L
312"
|

13/8" x 18"—¥

Figure 12: Section 1-1

172" x 69"

10.1.1.1. Effective Flange Width (Article 4.6.2.6): Sectig
As specified in Article 6.10.1.1.1e, the effective flange width is ol ed as specified in

t flange width may
be taken as one-half the distance to the adjacent interior gird pverhang width.
Therefore, for an exterior girder, Des is equalg

144.0

+ width of the overh

10.1.1.2.

Only Section Properties

Ad Ad? I, I
560.0 19,600 1.33 19.601
13,688 13,688
-871.0 30,649 3.90 30.653
-311.0 63,942
—4.13(311.0)= —1,284
Io = 62,658 in.*
d_ =
7525
dropopstery = 33.50+4.13=39.631mn. dpororsterr = 35.88-4.13=31.75m.
62,658 3 62,658 3
SroporsTeRL = 3§ 63 =1581m. SpororsTERL = 3175 =1.973m.
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Table 4 Section 1-1: Composite Section Properties; 3n = 24

Component A d Ad Ad? I, I
Steel Section 75.25 -311.0 63,942
Concrete Slab 9" x 114"/ 24| 42.75 42.50 1,817 77.217 288.6 77.506
118.0 1,506 141,448
—12.76(1,506)= 19,217
I, = 122.231in*
d, 2@212.76111
*118.0
d 50-12.76 = 22.74in. dsomomsrpm = 35.88+12.76 =

TOPOFSTEEL = 5-
12

S =" =5375mn’ S

TOPOF STEEL 22?4

Component A d Ad
Steel Section 75.25 -311.0

Concrete Slab 0" x 114"/ 8| 128.23| 42.50] 5,451
2035 @ 5,

232,518
206,460
6(5.140)=_ —129.836

= 166,624 in.*

I NA

d, =219 55960
© 2035
d rososreer = 35.50— 2526 =10.24 oreree: = 35.88+ 25.26=61.14in.
166,624 166,624 .

StoporsTERL = 10-34 =16.2 SsororsTERL = 61-14 =2,725m.
10.1.1.3.
Determing t M, of the composite section using the equations provided in
Appendix the specification (Article D6.1). The longitudinal deck

"= A F, =75.25(50) = 3,763 kips

steel -y
P, = 0.85%Pb_, t. = 0.85(4.0)(100.0)(9.0) = 3,060 kips

3,060 kips < 3,763 kips .. PNAs in the top flange, use Case Il in Table D6.1-1

t.| P, +P —P
:_c|:w+t s+1:|

<l

2 P

C

<l

_ 1.0[ 50(69.0)0.5)+50(1.375)18.0)—3,060 .
2 50(1.0)16.0)
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= 0.44 in. from the top of the top flange

P [ _
M, =~ ¥ +(t, -9/ |+[pd, +P,d, +Pd,]

2
Calculate the distances from the PNA to the centroid of each element:

d :?+3.5+0.44—1.0=7.44in.

S

d, = 1.0+%—O.44 =35.061n.

d, =1.0+69.0+ 13% —0.44=70.251n.

M, = {—5 0(12'(01).(;)6 '0)}[(0.44)2 (10— %)z]

+ [(3,060)(7.44) +69.0(0.5)(50)(3598\ 1.3

0)(70.25)]

10.1.1.4. Yield Moment: Sect

site section using the equations provided in
n (Article D6.2.2). Essentially, M, is taken as the

y

Calculate the yield moment
Appendix D to Section

sum of the moments

Eq. (D6.2-1)

where M, , M¥and M, , are the moments applied to the steel, long-term and short-term
composite sections, respectively, factored by 77 and the corresponding load factors.

Solve for M,,, (bottom flange governs by inspection):

1.25(2,202)(12) . 1.25(335)(12) +1.50(322)12) My }

Eq. (D6.2-2)
1,973 2,483 2,706

50 = 1.0{
M, , = 78,206 kip-in. = 6,517 kip-ft
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My =My, +M,, +M,,
M, =1.0[1.25(2,202)+1.25(335)+1.50(322)+6,517]

M, =10,171kip-ft

10.1.2. Section 2-2

Section 2-2 is shown in Figure 13.

7 [}

4

oV

10.1.2.1. Effective Flange Wi i »2.6): Section 2-2

The effective flange width for S€ction 2-24 1 to that of Section 1-1 calculated earlier:

berr= 114.0 in.

10.1.2.2. Negative Flexure Concrete Deck Reinforcement (Article

To control
the total cros

C ing in regions of negative flexure, Article 6.10.1.7 specifies that
onal area of the longitudinal reinforcement must not be less than 1 percent of
the total cross-{@kctional area of the deck. This minimum longitudinal reinforcement must be
provided whereW@l the longitudinal tensile stress in the concrete deck due to either the factored
construction load¥or Load Combination SERVICE II in Table 3.4.1-1 exceeds ¢f;, where f; is the
modulus of rupture of the concrete determined as specified in Article 5.4.2.6 and ¢ is the
appropriate resistance factor for concrete in tension specified in Article 5.5.4.2.1. The
reinforcement is to have a specified minimum yield strength not less than 60 ksi and a size not
exceeding No. 6 bars. The reinforcement should be placed in two layers uniformly distributed
across the deck width, and two-thirds should be placed in the top layer. The individual bars must
be spaced at intervals not exceeding 12 in.
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Article 6.10.1.1.1c states that for calculating stresses in composite sections subjected to negative
flexure at the strength limit state, the composite section for both short-term and long-term
moments is to consist of the steel section and the longitudinal reinforcement within the effective
width of the concrete deck. Referring to the cross-section shown in Figure 1:

A = 2(43.0)+2| L[ 22105 3.5 1823317 82 24776 n2
12 12\ 2 12

0.01(4,776) =47.76 in.”

47.76

= =1.11in.2/ft = 0.0926 in.? /in.
43.0

0.0926(114.0)=10.56 in.”

For the purposes of this example, the longitudinal reinforc
be combined into a single layer placed at the centroid of
including the assumed transverse deck reinfogcement). culations, the centroid
of the two layers is computed to be 4.63 in. WOm the concrete deck. Also in this

example, the area of the longitudinal reinforcem y taken equal to the minimum
required area of longitudinal reinforcement, althou larger arca may be provided in the actual
deck design.

Although not required by spe01ﬁcat10 lations involving the application of long-
term loads to the composite sect1 of negative flexure in this example, the area of the

from the longitudinal de f the cross-section and concrete creep acts to reduce
that force over time.

flexural stre! tlng on the composite section at the fatigue and service limit states,
respectively. Crefore, section properties for the short-term and long-term composite section,
including the cQllkrete deck but neglecting the longitudinal reinforcement, are also determined
for later use in th@Ralculations for Section 2-2 at these limit states.

55



10.1.2.3. Elastic Section Properties: Section 2-2

Table 6 Section 2-2: Steel Only Section Properties

Component A d Ad Ad*? I, I

Top Flange 2" x 18" 36.00| 35.50 1,278 45,369 12.00 45,381

Web 916" x 60" 38.81 15,399 15,399

Bottom Flange 2" x 20" | 40.00| -35.50| —1.420 50,410 13.33 50,423
114.8 —142.0 111,203

~1.24(142.0) 3

] NA

— 142
g 21420 Lo
: 114.8
dropopster =36.50+1.24=37.74in. d5o1 oF sTEE = 36-50 1.
>
s L0275 opoin SmororsTa

TOPOFSTEEL 37 74

Component A d ’ A I
Steel Section 114.8 111,203
Long. Reinforcement/3 6,397
117.600
—-0.07(8.10)= —0.57
I,,= 117.599 in®
810
r2inf 3 118 3
d rgzopsTeer = 36.50—0.07 A3, 8 pororseer = 36.50+0.07 =36.57m.
117.599 3
SroporsTEEL = SsororsTERL = 36-.5? =3,216m
n 2-2: Steel Section + Long. Reinforcement
A d Ad Ad> I, I
114.8 —142.0 111,203
10.56| 42.63 450.2 19,191 19,191
125.4 308.2 130,394
—2.46(308.2)= -758.2
I, = 129,636 in*
7
d_.. =825 46in.
1254
d-romopsreer = 36.50—2.46 = 34.04 in. dsoropsres = 36.50+2.46 = 38.961n.
129,636 .3 129,636 .
SroporsTERL = 3420‘4 =3.808m. SgororsTERL = 38.06 =3.327m.




Table 9 Section 2-2: Composite Section Properties; 3n = 24

Component A d Ad Ad? I, I
Steel Section 114.8 —142.0 111,203
Concrete Slab 9" x 114"/ 24| 42.75| 42.50 1.817 77.217 288.6 77.506
157.6 1.675 188,709
-10.63(1,675)= —17.805
Iio = 170,904 in.*
a, =7 _1063in.
1576
d rgropsterr = 36.50-10.63=25.871n. dsororsterr = 36.50+10.63 = 2N
SopoFsTEEL = 1;2224 =6.606m.” SgoToFsTERL = 112 5;[3]4

Table 10 Section 2-2: Composite Section Pr

Component A d Ad
Steel Section 114.8 —-142.0 111,203
Concrete Slab 9" x 114"/ 8| 128.3| 42.50 232,608
243.1 343,811
. —116.045
I, = 227,766 in*

d =21 _218sm
2431
droropstesr. = 36.50—-21.85 =14.65 Torsterr. = 30.50+21.85=58.35m.
227,766 227,766 .
5 = = - =3.903m.”
TOPOF STEEL — 1465 BOTOFSTEEL 5835 B

10.2.  Exterior Gir
10.2.1
Article 6.10 n addition to providing adequate strength, nominal yielding or

uckling resistance is not to be permitted for main load-carrying members
es of construction, except for yielding of the web in hybrid sections. This is
accomplished by@8atisfying the requirements of Article 6.10.3.2 (Flexure) and 6.10.3.3 (Shear)
under the applicdble Strength load combinations specified in Table 3.4.1-1, with all loads
factored as specified in Article 3.4.2. For the calculation of deflections during construction, all
load factors are to be taken equal to 1.0.

reliance on p
during critical

As specified in Article 6.10.3.4, sections in positive flexure that are composite in the final
condition, but noncomposite during construction, are to be investigated during the various stages
of the deck placement. The effects of forces from deck overhang brackets acting on fascia
girders are also to be considered. Wind-load effects on the noncomposite structure prior to
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casting of the deck are also an important consideration during construction, and are considered
herein. Potential uplift at bearings should be investigated at each critical construction stage.

10.2.1.1. Deck Placement Analysis

During the deck placement, parts of the girders become composite in sequential stages.
Temporary moments induced in the girders during the deck placement can be significantly
higher than the final noncomposite dead load moments after the sequential placement is
complete. A separate analysis was conducted using the BSDI, Ltd. Line Gitder System (LGS) to
determine the maximum moments in the exterior girders of the example Dfgllge caused by the
following assumed deck-placement sequence (Figure 14). Note the sequence mes that the
concrete is cast in the two end spans at approximately the same time. A g gt made for
uplift should the cast in one end span be completed before the cast in t pan has
started.

of the deck
asts are assumed
composite for the casts that follow. Should the deck not b jges, but instead be
cast from one end of the bridge to the other, the end span ccked for the critical
instantaneous unbalanced case where wet cret ists r the entire end span, with no
concrete cast yet on the remaining spans.

Article 6.10.3.4 requires that changes in the stiffness during

€ Interior Pier ¢ End Bearing
140'-0"

¢ End Bearing € Interior Pier
140-0"

100-0" 40'-0" 42'0" | _40-0" 100-0"

® ®

Figure 14: Deck-Placement Sequence

Unfactored dead¥¥ad moments in Span 1 from the abutment to the end of Cast 1, including the
moments resulting from the preceding deck-placement sequence, are summarized in Table 11.
In addition to the moments due to each of the individual casts, Table 11 gives the moments due
to the steel weight, the moments due to the weight of the SIP forms, the sum of the moments due
to the three casts plus the weight of the SIP forms, the maximum accumulated positive moments
during the sequential deck casts (not including the steel weight), the sum of the moments due to
the dead loads DC, and DW applied to the final composite structure, and the moments due to the
weight of the concrete deck, haunches and SIP forms assuming that the concrete is placed all at
once on the noncomposite girders. The assumed weight of the SIP forms includes the weight of
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the concrete in the form flutes. Although the forms are initially empty, the weight of the deck
reinforcement is essentially equivalent to the weight of the concrete in the form flutes.

The slight differences in the moments on the last line of Table 11 and the sum of the moments
due to the three casts plus the weight of the SIP forms are due to the changes in the girder
stiffness with each cast. The principle of superposition does not apply directly in the deck-
placement analyses since the girder stiffness changes at each step of the analysis. However,
note the significant differences between the moments on the last line of Table 11 and the
maximum accumulated positive moments during the sequential deck casts. la regions of positive
flexure, the noncomposite girder should be checked for the effect of t rger maximum
accumulated deck-placement moment. This moment at Section 1-1 is shown i in Table 11,
along with the moment due to the steel weight. The sum of these moments i

M =352 + 2,537 = 2,889 kip-ft

Span -» 1 Unfactored Dead-Load M
Length (ft) 0.0 12.0 24.0 42.0 48.0 96.0 100.0
Steel Weight 0 143 250 341 353 352
SIP Forms (SIP) 0
Cast 1 0
2 0
B 0 ___ 14 ¢
Sum of Casts + 0
SIP
Max. M 0 %
DC:+DW 0
Deck, haunches + 0
SIP

The unfagq
including
in Table 1
deflections.

oad deflections in Span 1 from the abutment to the end of Cast 1,
from the preceding deck-placement sequence, are summarized
es are downward deflections and positive values are upward
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Table 12 Vertical Deflections from Deck-Placement Analysis

Span -=1 Unfactored Vertical Dead-Load Deflections (in.)

Length (ft) 0.0 12.0 240 420 480 560 72.0 840 96.0 100.0
Steel Weight 0 -17 -32 -47 -50 -51 -47 -39 -29 -25
SIP Forms (SIP) 0 -07 -14 .20 -21 -21 -20 ~-16 -12 -10
Cast 1 0 -1.32 -2.50 -3.78 -4.04 -427 -430 -3.95 -333 -3.08
2 0 27 52 86 96 .08 125 132 132 131
B o -0 -03 -04 -04 -05 -05 -05 -04 -03
Sum of Casts + 0 -1.14 -2.14 -3.16 -3.34 -346 -3.30 -2.84 -217 -1.91
S
DGrDW 0 - ot W P Bt o T 1 s s - N . 1 0
Total 0 -1.48 -2.78 -4.09 -432 -446 -422
Deck, haunches + 0 =02 -1.71 247 250 264 -2.43

SIP

Since the deck casts are relatively short-term loadings, the actug ections that
occur during construction are more likely to correspond to those g a modular ratio
of n for determining the stiffness of the sections that are Therefore, the n-
composite stiffness is used for all preceding casts in comiti mghrcnts and deflections
shown for Casts 2 and 3 in Table 11 and Tajale 12. deflections on the final
composite structure due to the sum of the D a own in Table 11 and Table 12
are computed using the 3n-composite stiffness long-term effects of concrete
creep. The entire cross-sectional area of the pated with the exterior girder was assumed

effective in the analysis in determi

Note the differences in the calculated i last line of Table 12 (assuming the deck
is cast all at once on the nonc 1
during the sequential deck ca
used to estimate the girder ca

, the deflections shown on the last line can be
in Article 6.10.3.5 to account for the dead-load

However, if the differences in the deflections are deemed
eed to evaluate which set of deflections should be used, or else
in-between to compute the girder cambers and avoid potential

at the concrete is placed all at once on the noncomposite girders) of 2.61
inches in the exterior girders and 2.65 inches in the interior girders. From Table 11, the
comparable maximum deflection from the line-girder analysis is 2.64 inches, which indicates the
assumption of equal distribution of the DC, loads to all the girders is the proper assumption in
this case.

The unfactored vertical dead-load reactions resulting from the deck-placement analysis are given
in Table 13. Negative reactions represent upward reactions that resist the maximum downward
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force at the support under consideration. Conversely, positive reactions represent downward
reactions that resist the maximum uplift force at the support.

Table 13 Unfactored Vertical Dead-Load Reactions from Deck-Placement Analysis (kips)

Abut. 1 Pier 1 Pier 2 Abut. 2
Steel Weight -13. -53. -53. -13.
sum -13. -53. -53. -13.
SIP Forms (SIP) -6. -21. =21, -f.
sum -19, 74. -74.
Cast 1 -80. -53, =55,
sum -09, -129. -129.
Cast 2 14. -75. -75.
sum -85. -204. -204.

Cast 3 -1. -110.
sum -86. -314.
Sum of Casts + SIP  -73. -261.
DC: +DW -26. -90.

Total -112. -404.
Deck, haunches + -74. -261.
SIP ‘

Shown in Table 13 (under ‘sum’) are the accum d reactioNs for the steel weight plus the

plift under the deck placement. A net
fa support. Lift-off does not occur in
end spans of continuous units are skewed
to lift-Off its bearing seat, the staging analysis is
vided at the location of a positive reaction.

individual deck casts, which shoul
positive reaction indicates that the
this particular example; lift-off is mo
or relatively short. If the girder

Options to consider whe 1 ingde: 1) rearranging the concrete casts, 2) specifying a
temporary load over 1fying a tie-down bearing, or 4) performing another

line of Tabl iy, most cases, the reactions should not differ greatly.
Calculate the @@ imum flexural stresses in the flanges of the steel section due to the factored
loads resulting the deck-placement sequence. As specified in Article 6.10.1.6, for design
checks where tho@lexural resistance is based on lateral torsional buckling, fy,, is to be determined
as the largest value of the compressive stress throughout the unbraced length in the flange under
consideration, calculated without consideration of flange lateral bending. For design checks
where the flexural resistance is based on yielding, flange local buckling or web bend buckling,
fry may be determined as the stress at the section under consideration. From Figure 2, cross-
frames adjacent to Section 1-1 are located 48 ft and 72 ft from the left abutment. From
inspection of Table 11, since the girder is prismatic between the two cross-frames, the largest
stress within the unbraced length occurs right at Section 1-1. As discussed previously, the n
factor is taken equal to 1.0 in this example. Therefore,
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For STRENGTH I:

Top flange: f,, = 1'0(1'251)(528’?89)(12) = —27.41 ksi

_ 1.0(1.25)(2.889)(12)

Bot. flange: f,, =21.96 ksi
1,973
For STRENGTH IV:
Top flange: f,, = 1.00.5)(2.889)12) _ —32.89 ksi
1,581
Bot. flange: f,, = 1.0d-5)(2.889)12) _ 26.36 ksi
1,973
10.2.1.2. Deck Overhang Loads

¢

Assume the deck overhang bracket configuratio wn 15 with the brackets extending
to the bottom flange, which is preferred. Alternat the bral®Cts may bear on the girder web
if means are provided to ensure thaathe w. t da d and that the associated deformations
permit proper placement of the con

Figure 15: Deck Overhand Bracket

Although the brackets are typically spaced at 3 to 4 feet along the exterior girder, all bracket
loads except for the finishing machine load are assumed applied uniformly. Calculate the
vertical loads acting on the overhang brackets. Because in this case the bracket is assumed to
extend near the edge of the deck overhang, assume that half the deck overhang weight is placed
on the exterior girder and half the weight is placed on the overhang brackets. Conservatively
include one-half the deck haunch weight in the total overhang weight. Therefore:
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Deck Overhang Weight:

P=0.5% 150{%{3.5% {i(% + 0.5)[3.5 - 16/2)} L 275 [16/2ﬂ 255 bs/ft

12 12 12 12

The other half of the overhang weight can be assumed to act at the edge of the top flange (at a
distance of 8.0 inches from the shear center of the girder in this case). The effective deck weight
acting on the other side of the girder can be assumed applied at the other e
The net torque can be resolved into flange lateral moments that generally a
direction to the lateral moments caused by the overhang loads. This ef]
neglected in this example.

the opposite
servatively

Construction loads, or dead loads and temporary loads that act y during
construction, are assumed as follows:

Overhang deck forms: P =40 Ibs/ft
Screed rail: P =85 lbs/ft
Railing: P =25 Ijs/ft
Walkway: P=12510s/
Finishing machine: P=3,0001

The finishing machine load is esti total finishing machine truss weight,
plus some additional load to accoun f thé&®ngine, drum and operator assumed to
be located on one side of the truss. loads are estimated loads used here for
illustration purposes only. It 4 ded that the Engineer consider talking to local

Contractors to obtain more ac

The lateral force on the vertical load on the overhang brackets is computed
as:

Note that the cald@lated lateral force and the design calculations that follow are dependent on the
assumed angle of the deck overhang brackets. Thus, a sketch similar to Figure 15 with the
assumed angle should be shown on the contract plans. Should the Contractor deviate
significantly from this assumed angle, an additional investigation by the Contractor may be
necessary.

In the absence of a more refined analysis, the equations given in Article C6.10.3.4 may be used

to estimate the maximum flange lateral bending moments in the flanges due to the lateral bracket
forces. Assuming the flanges are continuous with the adjacent unbraced lengths and that the
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adjacent unbraced lengths are approximately equal, the lateral bending moment due to a
statically equivalent uniformly distributed lateral bracket force may be estimated as:

F 12
M, = ’1—2*’ Eq. (C6.10.3.4-2)

The lateral bending moment due to a statically equivalent concentrated lateral bracket force
assumed placed at the middle of the unbraced length may be estimated as:

M, = 2 C6.10.3.4-3)
As specified in Article 6.10.1.6, for design checks where the flexural J@scd on
lateral torsional buckling, the stress, f,, is to be determined as the Jg Stress due
to lateral bending throughout the unbraced length in the flange . For design
checks where the flexural resistance is based on yielding or f g ckling, f, may be
determined as the stress at the section under consideration ici this example, the

largest value of f, within the unbraced length will conservati
is to be taken as positive in sign in all resist
Section 1-1 is equal to 24.0 feet (Figure 2).

all design checks. f,
unbraced length, L, containing

Accordlng to Article 6.10.1.6, lateral bendl €SSC ermined from a first-order analysis may

Eq. (6.10.1.6-2)

n Article 6.10.8.2.3 determined as:

Eq. (6.10.8.2.3-4)

r, = : Eq. (6.10.8.2.3-9)

For the steel section, the depth of the web in compression in the elastic range, D, at Section 1-1
is 38.63 inches. Therefore,
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r = 16 =3.90 1n.

t \/12(1+;(3?3(-1663))((1())-5)J

L _103.90) [29,000

, =7.83 ft
12 50

Cy is the moment gradient modifier specified in Article 6.10.8.2.3. Separ
that fi,;¢/f> > 1 in the unbraced length under consideration. Therefore, C, mu
1.0. According to Article 6.10.1.10.2, the web load-shedding factor, Ry, is

a separate limit state check. Finally, fy, is the largest value of the comprd
factored loads throughout the unbraced length in the flange undg

without consideration of flange lateral bending. In this case, us .89 ® computed
earlier for the STRENGTH IV load combination (which contro @ular computation).
Therefore:
1.0(1.0)
1.2(7.83) |[——FF— :11.5‘ <
( )\/ |-32.89| /50
Because the preceding equation is i rtic 10.1.6 requires that second-order elastic

d. The second-order compression-
amplifying first-order values (i.e. f;;) as

compression-flange lateral bendi

flange lateral bending stresses may
follows:

Eq. (6.10.1.6-4)

where AF is th plification factor and F,; is the elastic lateral torsional buckling stress for the
eration specified in Article 6.10.8.2.3 determined as:

Eq. (6.10.8.2.3-8)
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5 _ L0(L.0)r* (29,000)
(24(12))2
3.90

Note that the calculated value of F, for use in Eq. 6.10.1.6-4 is not limited to R,Rp,F ..

=52.49 ksi

The amplification factor is then determined as follows:

For STRENGTH I:
AF= 085 =1.78>1.0 ok
| |-27.41]
52.49
For STRENGTH IV:
AF= 0.85 =2.28>L0
- |-32.89) <
52.49

AF is taken equal to 1.0 for tensg equation for the amplification factor
conservatively assumes an elastic € ctor®or lateral torsional buckling equal to
1.0. Article C6.10.8.2.3 provides refe ively simple method that can be used in
certain situations to potentially er elastic effective length factor for the unbraced
length under consideration. 1 1
this method to this particular th. ” Should the unbraced length under consideration

r which K 1is less than 1.0, the lower value of K can

(Article 3.4.2).

For STRENGTH I
Dead loads: P =1.0[1.25(255) +1.5(40 +85+25+125)]=731.3 Ibs/ ft

F=F, =Ptana =731.3tan(31.3°) =444.6 lbs/ ft
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2 2
m, = FLL _ 0.4446(24) _,, 5, Kip —
12 12

Top flange: f, = % = 211136;;9/26) =6.00 ksi
14

=3.45ksi

Bot. flange: f, = 1\345 _21.34(12)
¢

1.375(18)% /6

Finishing machine: P =1.0[1.5(3,000)] = 4,500 Ibs
F=P, =Ptana =4,500tan(31.3°) =2,7361bs

PL, _2736(24)

=8.21 kip —ft
] p

M, =

Top flange: f, :% _382102)

=23

Top flange: f, total=6.004+2.31=8.3

Bot. flange: f, total=3.45+.

For STRENGTH IV:

Dead loa 5(255+40+85+25+125)]=795 Ibs/ ft

tano = 795tan(31.3°) = 483.4 Ibs/ ft

M - FL, _0.4834(24)

=23.20 kip — ft
12 12 P

Top flange: f, = M, = w =6.52 ksi
" s, 1116)*/6

= ——=3.75ksi
1.375(18)* /6

Bot. flange: f, = 1\8/[( 23.2002)
l

Finishing machine: =~ Not considered
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Top flange: f, total=6.52 ksi * AF =6.52(2.28) = 14.87 ksi < 0.6F,r=30 ksi ok
Bot. flange: f, total=3.75ksi * AF =3.75(1.0) =3.75 ksi < 0.6F,y=30ksi ok

To account for potential uncertainties in the estimation of the preceding deck overhang loads, it
may be desirable to ensure that the factored lateral forces determined above exceed, as a
minimum, a percentage of the total factored weight of the structure. A reasonable percentage
would be between three to five percent.

10.2.1.3. Wind Loads

Wind load acting on the noncomposite structure prior to casting of the € ill be
investigated. Conservatively using the smallest steel section, the tg it length,
w, for the case of wind applied normal to the structure assumin computed
as:

w =P h_ =0.053[(0.875+69.0+1.0)/12] = 3kips/ft ok

rlier to be Pp = 0.053 ksf, is
orary construction condition

design wind pressure depending on the
the bridge site.

conservatively used here in this 111ustrat1on Fo
however con51derat10n mlght be glven to

Determine the maximum flexural stres i and bottom flanges due to the factored
steel weight within the unbrac ining Section 1-1. The largest moment due to the
steel weight within the unbrac 352 kip-feet right at Section 1-1 (Table 11).

Therefore, since the me -between these two cross-frames, the largest stress in
both flanges also occ i e STRENGTH III load case applies to the case of dead
plus wind i ad on the structure. 7 is taken equal to 1.0 at the strength limit state
in this ex

_1.0(1.25)(352)12)
- 1,581

=—-3.34 ksi

1.0(1.25)(352)(12)
1,973

=2.68 ksi

Bot. flange: f,, =

Since there is no deck to provide horizontal diaphragm action, assume the cross-frames act as
struts in distributing the total wind force on the structure to the flanges on all girders in the cross-
section. The force is then assumed transmitted through lateral bending of the flanges to the ends
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of the span or to the closest point(s) of lateral wind bracing. Determine the total factored wind
force on the structure assuming the wind is applied to the deepest steel section and normal to the
structure (with no superelevation). For the STRENGTH III load combination, the load factor for
wind during construction is not to be taken less than 1.25.

1.0(1.25)(0.053)(2.0 + 69.0 +2.0)
12

W =

= 0.403 kips/ft

To illustrate the effect that a couple of panels of top lateral bracing can have
load path for wind loads acting on the noncomposite structure during const
system of top lateral bracing shown in Figure 2; that is, top lateral bracing i
each side of each interior-pier section. Assume that Span 1 of the structuy i a system)

] rov1d1ng a stiffer

resists the lateral wind force as a propped cantilever, with an effective spa 120.0
feet. That is, the top lateral bracing is assumed to provide an effective line C Cross-
frame 20.0 feet from the pier for resisting the lateral force. Calcy e propped
cantilever at Section 1-1:
9 > 9
M, , = — WL = ——(0.403)120.0)° = 408 kift
128 128 ‘
Calculate the moment on the propped cantilever e ass e of fixity (call it Section f-f --
20.0 feet from the pier):
| B )
M, ;= 3 WL, kip - ft
Note that a refined 3D analysi oncomposite structure subjected to the factored
wind load yielded a total late the top and bottom flanges of all four girders of 405
kip-ft at Section 1-1 and f-f.
Proportio oment to the top and bottom flanges at Section 1-1 according to the

relative [ iSroigSh flange. Assume that the total flange lateral moment is then
divided eq S he single bay of top bracing along with the line of cross frames
adjacent to B . ¥ an effective line of fixity) permits all the girders to work together

as a system to 8t the lateral wind force along the entire span.

3
Section 1-1: I, = 1(16) =341.3 in.
12
3
Bottom flange: I, = w =668.3in."
Top flange: M, = 408'0(341'3) =34.48 kip —ft

(341.3+668.3)4
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_ 408.0(668.3)
" (341.3+668.3 4

Bottom flange: =67.52 kip —ft

A similar computation can be made at Section f-f (however, this section is not checked for this
condition in this example).

According to Article 6.10.1.6, lateral bending stresses determined from a firsg-order analysis may
be used in discretely braced compression flanges for which:

C,R
L, <1.2L, b 0.1.6-2)
fou /Fe
fou 1s the largest value of the compressive stress due to the oughout the
unbraced length in the flange under consideration, calculated deration of flange

d that the moment
1.0. The limiting

lateral bending. In this case, use f,, = -3.34 ksi. Earlie
gradient modifier, Cy, and the web load-shedding factor,
unbraced length, L,, was also determined ear% to bg7.83 fe

1.2(7.83) _100L0) _ 36.35ft > L, @O ft
|—3.34|/ 50
Therefore, lateral bending stresses de 1 irst-order analysis may be used. First- or
second-order flange lateral bend} as applicable, are limited to a maximum value of

0.6Fyr according to Eq. 6.10.1.

48(12)

Section 1-1:  Top fla
P 1(16)° /6

=9.70ksi < 0.6F ; =30.0ksi ok

67.52(12)

=——== 20 = 10.91ksi < 0.6F,, =30.0ksi ok
1.375(18) /6

l

Calculate the r in the propped cantilever at Section f-f:

= gm = %(0.403)(120.0) =30.23 kips

Resolve the shear into a compressive force in the diagonal of the top bracing:

J(20.0F + (12,08
12.0

P= 30.23[ J = —58.76 kips
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In addition, the member carries a force due to the steel weight. Calculate the average stress in the
top flange adjacent to the braced bay using the average moment due to the factored steel weight
along the 20-foot unbraced length adjacent to the pier section (from Table 4) assumed applied to
the larger section within this unbraced length (i.e. Section 2-2):

e 1.0(1.25)12)[- 312+ (- 777)]/ 2
e 2,942

=2.78 ksi

Resolve this stress into the diagonal:

fie =2.78 20.0 =-2.38 kips
J(20.0F +(12.0}

Assuming an area of 8.0 in.” for the diagonal yields a compressi
in a total estimated compressive force of (-58.76) +(-19.04

0f @ 9.04 kips resulting
e diagonal must be
dipteviously, yielded a
total compressive force in the diagonal bracing member of ap imatcty -67.0 kips.

e (i.e. the propped cantilever)
ents of inertia of the top and
licity, this section is assumed to be an
1d likely yield greater accuracy):

due to the factored wind load using the total of
bottom flanges of all four girders ecti

/max .

Note that the refined
inches in Span 1.
estimated ]

e not present, L. would increase to 140.0 feet and the
flection calculated from the above equation would increase to 12.3

To analyze the c¥
an assumed fixed-

er span for this condition, a similar approach can be taken using the actions of
ixed beam rather than a propped cantilever.

10.2.1.4. Flexure (Article 6.10.3.2)

For critical stages of construction, Article 6.10.3.2.1 requires that discretely braced flanges in
compression satisfy the following requirements, except that: 1) for slender-web sections, Eq.

6.10.3.2.1-1 need not be checked when f, is equal to zero, and 2) for sections with compact or
noncompact webs, Eq. 6.10.3.2.1-3 need not be checked.
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fo. +1, <¢R.E, Eq. (6.10.3.2.1-1)
fo +éfz < ¢F, Eq. (6.10.3.2.1-2)

fou <OcFe Eq. (6.10.3.2.1-3)

Article 6.10.3.2.2 requires that discretely braced flanges in tension satisfy:

fou +1, <O:R,E, . (6.10.3.2.2-1)

where: ¢ = resistance factor for flexure = 1.0 (Article 6.5.4.2)
F.w = nominal bend-buckling resistance for webs determined as spl

6.10.1.9
Ry = hybrid factor specified in Article 6.10.1.10.1 (= 1.Q

g tion 1-1)
iaged as specified in
Article 6.10.8.2 (i.e. local or lateral torsional auckiils e, whichever
controls). For sections with compact or non
Article A6.3.3 may optionally he used to dete
resistance.

First, determine if the noncomposite Section 1- a compd€t or noncompact web section
according to Eq. 6.10.6.2.3-1 (or a ati Ta 6.10.1.10.2-2):

2D
< <5.7 £
tw ch

Eq. (6.10.6.2.3-1)

=137.3<154.5

Therefore, the Wlncomposite Section 1-1 is a slender-web section. As a result, for the top flange,
Eq. 6.10.3.2.1-1\@st be checked since f, is not zero, Eq. 6.10.3.2.1-3 must also be checked, and
the optional prowsions of Appendix A (to Section 6 of AASHTO LRFD (5" Edition, 2010) —
Article A6.3.3) cannot be used to determine the lateral torsional buckling resistance of the

flange.
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10.2.14.1. Top Flange

10.2.14.1.1. Local Buckling Resistance (Article 6.10.8.2.2)

Determine the slenderness ratio of the top flange:

A, = LS Eq. (6.10.8.2.2-3)
2t,

LY
2(1)

Determine the limiting slenderness ratio for a compact fla e Table

C6.10.8.2.2-1):

Ay =038 |2
E,,

Eq. (6.10.8.2.2-4)

Since Af < 7\.pf,

Eq. (6.10.8.2.2-1)

As specified in Article 3! i ting F,. for constructibility, the web load-shedding
factor Ry, is to be take e the flange stress is always limited to the web bend-

10.2.1.4.1.2. ateral Torsional Buckling Resistance (Article 6.10.8.2.3)

The limiting unf§@ced length, L,, was computed earlier to be 7.83 feet. The effective radius of
gyration for later®l torsional buckling, r;, for the noncomposite Section 1-1 was also computed

earlier to be 3.90 inches.

Determine the limiting unbraced length, L;:

L =nr, | — Eq. (6.10.8.2.3-5)
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where: E,=0.7F, <F,
F, =0.7(50)=35.0ksi <50 ksi ok
F, must also not be less than 0.5F,. = 0.5(50) = 25.0 ksi ok.

7(3.90) (29,000
12 35.0

Therefore: L, = =29.39 ft

Since L, = 7.83 feet < Ly, = 24.0 feet < L, = 29.39 feet,

F, Y(L,-L
F =C,|1-[1-—2 * | |R,R,E, <R,R,F
R,F.\L -L,

As discussed previously, since fig/f > 1 in the unbraged nddiconsideration, the

Foo1o[1-[1-230 (24.0—7.83) (10
1.0(50) \ 29.39-7.83

Fyc is governed by the lateral torst i which is less than the local buckling

1%.2.3-2)

Determine the nominal i uckling resistance at Section 1-1 according to the
provisions of Article 6.

Eq. (6.10.1.9.1-1)

Eq. (6.10.1.9.1-2)

=28
(38.63/69.0)

Therefore,
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£ _ 0.9(29,000)(28.7)
o (69.0)2
0.5

Now that all the required information has been assembled, check the requirements of Article
6.10.3.2.1:

—39.33 ksi < min(R,F,,F,, /0.7)=R,F,, =1.0(50)= 50 ksi ok

ye?

For STRENGTH I:

fo, +f, <OR,E, 10.3.2.1-1)
£, + 1, =|-27.41| ksi+14.79 ksi = 42.20 ksi

R, F,. =1.0(1.0)(50) = 50.0 ksi

42.20ksi<50.0ksi ok (Ratio =0.

Eq. (6.10.3.2.1-2)

(Ratio =0.835)

Eq. (6.10.3.2.1-3)

—27.41) ksi<39.33ksi ok (Ratio = 0.697)

For STRENGTH III:

fo, +, <OR,F, Eq. (6.10.3.2.1-1)
fo, +, =|~3.34ksi+9.70ksi =13.04 ksi

o;R,F,, =1.0(1.0(50)=50.0 ksi
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13.04ksi<50.0ksi ok  (Ratio =0.261)
fo +%fe <¢,F, Eq. (6.10.3.2.1-2)

f,, +§f€ =|-3.34 ksi+¥ksi =6.57 ksi

o, F. . =1.0(38.75)=38.75 ksi

6.57ksi < 38.75ksi ok(Ratio = 0.170)

£, <O.F,, 0.3.2.1-3)

o, F,., =1.0(39.33)=39.33 ksi
[~3.34ksi <39.33ksi ok Ratiggm0.08

For STRENGTH IV:

fou +1, <ORyFy Eq. (6.10.3.2.1-1)

f. +f, =|-3 ksi=47.76 ksi

0. R, F g 1 W.0)(50) 380.0 ksi

50.0 kst ok (Ratio = 0.955)

Eq. (6.10.3.2.1-2)

1

wtafi= [-32.89 ksi+ 14.87

ksi=37.85 ksi

¢,F. =1.0(38.75) = 38.75 ksi
37.85ksi<38.75ksi ok  (Ratio=0.977)

fou SO:F,, Eq. (6.10.3.2.1-3)
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o, F,,, =1.0(39.33) =39.33 ksi
[-32.89] ksi<39.33ksi ok (Ratio = 0.836)

Options to consider should the web bend-buckling resistance be exceeded include: 1) providing a
larger compression flange or a smaller tension flange to decrease D, 2) adjusting the deck-
placement sequence to reduce the compressive stress in the web, 3) providing a thicker web, and
4) adding a longitudinal web stiffener should the preceding options not proye to be practical or
cost-effective.

10.2.1.4.2. Bottom Flange

For STRENGTH I:
fbu + fl’ = (I)thFyt
f,, +1, =21.96 ksi+4.78 ksi = 26.74 ksi

R, E,. =1.0(1.0)(50) = 50.0 4

26.74 ksi<50.0ksi ok tio 35)

STRENGTH III:
fo, +1, <R, F, Eq. (6.10.3.2.2-1)

0.91 kejil-13.59 ksi

0)(50)=50.0 ksi

ok (Ratio =0.272)

Eq. (6.10.3.2.2-1)
f +f, =26.36 ksi+3.75 ksi=30.11ksi
¢.R,F,. =1.0(1.0)(50) = 50.0 ksi

30.11ksi<50.0ksi ok (Ratio =0.602)
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Although the checks are illustrated here for completeness, the bottom flange will typically not
control in this region.

10.2.1.5. Shear (Article 6.10.3.3)

For critical stages of construction, Article 6.10.3.3 requires that interior panels of stiffened webs
satisfy the following requirement:

Vu S ¢VVCT

Eq. (6.10.3.3-1)
where: ¢, = resistance factor for shear = 1.0 (Article 6.5.4.2)

loads and factored construction loads applied to the noncom!
V. = shear buckling resistance determined from Eq. 6.10.9

Only the interior panels of stiffened webs are checked becauss ir gdistance of the end
panel of stiffened webs and the shear resistance of unstif g ady limited to the
shear buckling resistance at the strength limit state.
For this example, the critical panel in Field SQion ked. The critical panel for this
ediate cross-frame from the
abutment, which is located 96.0 feet from the abut . sverse stiffener in this panel is
assumed to be located at the maxi of d, = 3D = 3(69.0) = 207.0 inches to
the left of this cross-frame (see ). Since shear is rarely increased
significantly due to deck staging, the ar at the cross-frame will be used in this
check (the STRENGTH IV load 1 overns by inspection):

Eq. (6.10.9.2-1)

C is the rati ckling resistance to the shear yield strength determined from Eq.
6.10.9.3.2-4, .9.3.2-5 or 6.10.9.3.2-6, as applicable. First, compute the shear buckling
coefficient, k
5
k=5+ RS Eq. (6.10.9.3.2-7)
5
k=5+ > > =5.56
(2010]
69.0
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Since, 1.40 | 2K _ 1 40 [220006:36) _ 595 D _690_ 35
E,, 50 t, 05

1.57 ( Ek
c= 137 [—J Eq. (6.10.9.3.2-6)

o 157 (29,000(5.56)

=0.266
(138.0)° 50 j

V,, is the plastic shear force determined as follows:

V, =0.58F Dt, 2(0.10.9.2-2)
V, =0.58(50)(69.0)(0.5) =1,001 kips
Therefore, V., =0.266(1,001) = 266 kips ‘
¢, V., =1.0(266) =264 kips
447)
10.2.1.6.
Article 6.10.2.3.4 requir al tensile stress in a composite concrete deck due to
the factored loads n g critical stages of construction, unless longitudinal

reinforce
f; is the

ording to the provisions of Article 6.10.1.7.
the concrete determined as follows for normal weight concrete

reinforced concrete in tension, ¢ is equal to 0.90.
¢f =0.90(0.480) =0.432 ksi

Check the tensile stress in the concrete deck at the end of Cast 1 in Span 1 (100.0 feet from the
abutment) caused by the negative moment due to Cast 2. From Table 11, the negative moment at
the end of Cast 1 due to Cast 2 is —1,403 kip-feet. The longitudinal concrete deck stress is to be
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determined as specified in Article 6.10.1.1.1d; that is, using the short-term modular ratio n = 8.
The STRENGTH IV load combination controls by inspection.

_1.0(1.5)-1,403)21.74)12)

£ = =0.329 ksi<0.432 ksi
166,624

Therefore, the minimum one percent longitudinal reinforcement is not required at this section.
Where it is required, the reinforcement should be No. 6 bars or smaller spaced at not more than
12 inches. Although not done in this example, a more accurate estimate of g concrete strength
at the time Cast 2 is made, and the resulting modular ratio, can be used in this &

Note that the total tensile force in the concrete deck at the end of Cast 1 0. 40)(9.0) =
338 kips. This force will be transferred from the deck through the shear e top
flange. Sufficient shear connectors should be present at this locatign to @i iglorce and

prevent potential crushing of the concrete around the studs or frag
the length over which this force must be transmitted, assume a @8-degS€ aagle from the end of
the cast to where the concrete deck is assumed effective.
case is estimated to be 57.0 inches. Later calculations sh AQhe. Di of the studs is 12.0
inches in this region and that there are three gtuds per row. T shear resistance of an
individual stud is computed to be 36.0 kips fe i

studs within the 57-inch length is 12(36.0) = 43
in the deck can be lowered by modifying the

10.2.2. Service Limit State (A

Article 6.10.4 contains provisio
the service limit state.

e control of elastic and permanent deformations at

10.2.2.1. [ foRgations (Article 6.10.4.1)

For control of elastic de ations, Article 6.10.4.1 refers back to Article 2.5.2.6, which contains
optional | teria and criteria for span-to-depth ratios. The suggested span-to-
depth ratio to establish a reasonable minimum web depth for the example

were reported cqllier to be 0.91 inches in the end spans and 1.23 inches in the center span. The
suggested live-1o deflection limit for a vehicular load is Span/800 (Article 2.5.2.6.2).
Therefore,

140.0(12 .
End Spans: A, 0w = %0) =2.10in.>091in. ok (Ratio=0.433)
Center Span: A ;0w = %8(012) =2.63in.>1.23in. ok (Ratio=0.468)
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10.2.2.2. Permanent Deformations (Article 6.10.4.2)

Article 6.10.4.2 contains criteria intended to control objectionable permanent deformations due
to expected severe traffic loadings that would impair rideability. As specified in Article
6.10.4.2.1, these checks are to be made under the SERVICE II load combination specified in
Table 3.4.1-1.

According to Article 6.10.4.2.2, flanges must satisfy the following requiremeats:

Top steel flange of composite sections: fy <0.95R F;

calculated without consideration of flange lateral bendin
stress due to the SERVICE II loads determined as speci
resistance factor is not shown in these equations becaus
resistance factor be taken equal to 1.0 at the 2&ice

The sign of fr and f, is always taken as positi . 6.10.4.2.2-2. f, is not included in Eq.
6.10.4.2.2-1 because the top flang is continuously braced by the concrete
ing stresses are small and may be
neglected. For straight-girder bridges; in the bottom flange at the service limit
state is only a consideration for staggered cross-frames in conjunction with skews
exceeding 20°. Wind-load a

state. Therefore, the f, te ual to zero in Eq. 6.10.4.2.2-2 in this example.

With the exception
requiremepgmof Article 2.1.1 (i.e. D/ty £ 150) such that longitudinal stiffeners are not
required, Q&S d
checked as

Eq. (6.10.4.2.2-4)

where f; is the cq@@pression-flange stress at the section under consideration due to the SERVICE
IT loads calculated without consideration of flange lateral bending, and Fy is the nominal bend-
buckling resistance for webs determined as specified in Article 6.10.1.9. Because Section 1-1 is
a composite section subject to positive flexure without longitudinal web stiffeners, Eq.
6.10.4.2.2-4 need not be checked. An explanation as to why these particular sections are exempt
from the above web bend-buckling check is given in Article C6.10.1.9.1.

Check the flange stresses due to the SERVICE II loads at Section 1-1. 7 is specified to always
equal 1.0 at the service limit state (Article 1.3):
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0.95R,F =0.95(1.0)(50) = 47.50 ksi

Top flange: f, <0.95R F,, Eq. (6.10.4.2.2-1)

F o '0{1.0(2,202) L 10(335+322) 1.3(3,510)

= 12=-21.55 ksi
1,581 5,375 16,272

[-21.55] ksi<47.50 ksi ok (Ratio 0.454)

f
Bot. flange: f; + E/ <0.95R,F; §.2.2-2)

f

1o 1.0(2,202) .\ 1.0(335+322) \ 1.3(3,510)
L1973 2,513 2,725

36.62ksi+0<47.50 ksi ok @io 0

Under the load combinations specified in Tab
bending, the above flange-stress criterion yd vern the size of the bottom flange for
compact composite sections in pogiive suming fatigue limit state criteria do

flange at Section 1-1, as will be demon t section. Regardless, it may be prudent
and expedient in such cases to ] e bottom flange to satisfy this stress criterion and
then subsequently check the n jstance at the fatigue and strength limit states.

requirements of Artic . equate robustness and ductility of the pier sections, a
calculated ge negative moment due to the SERVICE II loads at the pier section

under corGiISighiag istributed prior to making the preceding checks. The moments
may be red S o th&PoOptional procedures of Appendix B (to Section 6 of AASHTO
LRFD (5th § specifically, Articles B6.3 or B6.6). When the redistribution

moments are
not be checked

Mated according to these procedures, Eqgs. 6.10.4.2.2-1 and 6.10.4.2.2-2 need
ithin the regions extending from the pier section under consideration to the
nearest flange ti@sition or point of permanent-load contraflexure, whichever is closest, in each
adjacent span. P¥. 6.10.4.2.2-4 must still be considered within these regions using the elastic
moments prior to redistribution. At all locations outside of these regions, Egs. 6.10.4.2.2-1,
6.10.4.2.2-2 and 6.10.4.2.2-4, as applicable, must be satisfied after redistribution.
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10.2.2.3. Concrete Deck (Article 6.10.1.7)

As discussed previously, Article 6.10.1.7 requires the minimum one-percent longitudinal
reinforcement in the concrete deck wherever the longitudinal tensile stress in the deck due to the
factored construction loads and due to the SERVICE II load combination (Table 3.4.1-1)
exceeds ¢f;. Earlier calculations showed that this minimum longitudinal reinforcement is not
required within the limits of Cast 1 in Span 1 due to the factored construction loads.

combination at the
stress is to be
ar ratio n = 8.

Check the tensile stress in the concrete deck due to the SERVICE II loagd
section 100.0 feet from the abutment in Span 1. The longitudinal concrete
determined as specified in Article 6.10.1.1.1d; that is, using the short-term
Note that only DC,, DW and LL+IM are assumed to cause stress in the cong

~1.0[1.0(25)+1.0(27) + 1.3(~ 1,832))21.74)12)

£ = =04
deck 166,624

2 ksi

Therefore, check the tensile stress in the concrete deck due W@the I load combination
at a section 98.0 feet from the abutment in Spagn 1.

_ 1.0[1.0(50)+1.0(52) +1.3(~ 1,

fd eck

21. 0426 ksi <0432 ksi ok

n [-section flexural members must be investigated for
e 6.6.1. For checking load-induced fatigue, the FATIGUE load
3.4.1-1 and the fatigue live load specified in Article 3.6.1.4

As specified in Articl
fatigue asggecified in
combinati@hS ified in
apply. A
documents
fatigue requirg

prmance with the provisions of Article 6.6.2. Finally, a special
for webs must be checked according to the provisions of Article 6.10.5.3.
10.2.3.1. oad Induced Fatigue (Article 6.6.1.2)

Fatigue of the base metal at the connection-plate welds to the flanges at the third intermediate
cross-frame in Span 1, located 72.0 feet from the abutment, will be checked for the fatigue limit
state. Separate calculations indicate that this is the critical connection-plate weld detail in Field
Section 1. Fatigue of the base metal at the stud shear-connector weld to the top flange at the right

end of Field Section 1 (located 100.0 feet from the abutment) will also be checked. The stress
range due to the fatigue live load modified by the corresponding dynamic load allowance of 15
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percent will be used to make this check. The lateral distribution factors for the fatigue limit
state, computed earlier, are also used.

From Article 3.6.1.4.2, the single-lane average daily truck traffic (ADTT), is:

(ADTT)sL = px ADTT Eq. (3.6.1.4.2-1)

where: ADTT = number of trucks per day in one direction averaged over the design
life (assumed to be 2,000 for this example)

p = fraction of truck traffic in a single lane (Table 3.6 ad.2-1)

For a 3-lane bridge, p = 0.80

- (ADTT)sL = 0.80(2,000) = 1,600 trucks/day

The provisions of Article 6.6.1.2 apply only to details subject to a net
According to Article 6.6.1.2.1, in regions where the unfactored
compression, fatigue is to be considered only if this compressi
maximum tensile stress resulting from the FATIGUE load co
stress due to the passage of the fatigue load is considered to he t
to cross the bridge in 75 years. In this example, the e

est truck expected
earing surface is

According to Article 6.6.1.2.1, for flexural me
their entire length and with concrete deck rein ing the provisions of Article
6.10.1.7, flexural stresses and stresg range ied e composite section at the fatigue limit
state may be computed assuming
flexure. Shear connectors are assu
example. Earlier computations
reinforcement satisfies the pro
assumed effective in computi
the subsequent fatigue calgmla

re that the longitudinal concrete deck
e 6.10.1.7. Therefore, the concrete deck will be
tress ranges applied to the composite section in

10.2.3.1.1.

Top- ge Co

e base al at the connection-plate welds to the flanges at the third

1, located 72.0 feet from the abutment.

Determine thq@@igue detail category from Table 6.6.1.2.3-1. Under the condition of fillet-
welded connec@@ns with welds normal to the direction of stress, the fatigue detail category for
base metal at t§@hsverse stiffener-to-flange welds is Category C'. The total unfactored
permanent-load compressive stress at the top-flange weld at this location (neglecting the future
wearing surface) is computed as:

_ 1,824(12)(38.63)

— 1349 ksi
b, 62.658 .
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_281(12)(21.74)

= =—0.600 ksi
PC: 122,231 E—

-14.09 ksi

According to Article 6.6.1.2.3, since the projected 75-year (ADTT)sy of 1,600 trucks per day
exceeds the value of 754 trucks per day specified in Table 6.6.1.2.3-2, the detail should be
designed for an infinite life using the FATIGUE I load combination. The maximum tensile
stress at the top-flange weld at this location due to the negative moment caused by the factored
fatigue load (factored by the 1.50 load factor specified for the FATIGUE I |48l combination) is:

o (1.50)-496/(12)9.24) 0495 ks
166,624

[-14.09 ksi > 0.495 ksi

due to permanent
e top flange at this

The fatigue live load negative bending does not overcome
load. Therefore, fatigue of the base metal at the connectio
location need not be checked. ‘

connection-plate weld to the bottom
ile stf€Ss. Thus, the stress range y(Af) at the
connection-plate weld due to the FAT ination is computed using the properties

of the short-term composite sectj

1.50]-496/(12)(59.77)
166,624

=11.8 ksi

Eq. (6.6.1.2.5-1)

For a Category C' detail, (AF)tu=12.0 ksi (Table 6.6.1.2.5-3). Therefore:

(AF), =12.0 ksi
v(AF) < (AF), Eq. (6.6.1.2.2-1)

11.8ksi<12.0ksi ok (Ratio=0.983)
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The above fatigue limit-state check at the connection-plate weld to the bottom flange ends up
governing the design of the bottom flange in this region (see the tabulation of performance ratios
in the Design Example Summary at the end of the example). An alternative is to bolt the
connection plates to the bottom flange, only in this region of high stress range, to raise the
nominal fatigue resistance to that for a Category B detail. Bolting these particular connection
plates to the tension flange will raise the nominal fatigue resistance to 16.00 ksi and may allow
the designer to use a smaller bottom-flange plate in this region. However, the designer is
cautioned that a Category C' detail still exists at the termination of the conpgction-plate weld to

cost-effective solution.

The Engineer is also reminded that the nominal fatigue resista
base metal detailed in accordance with the Federal Highw echnical Advisory
(T5140.22) Uncoated Weathering Steel in Structures is dete ¢ detail Category B
(Table 6.6.1.2.3-1). However, it should be Wd t 1 nsiderations related to Category
B details rarely control.

d weathering steel

10.2.3.1.3. Stud Shear-Connector

Check fatigue of the base metal at th ector weld to the top flange at the right end
of Field Section 1 (located 100.0 feet
compressive stress in the top cation (neglecting the future wearing surface) is
computed as:

-0.620 ksi

In order to comflke the stress due to the factored fatigue load, first determine the fatigue detail
category from Ta@le 6.6.1.2.3-1.

Under the condition of longitudinally loaded fillet-welded attachments, the fatigue detail
category for base metal adjacent to welded stud-type shear connectors is Category C.

From Table 6.6.1.2.3-2, the 75-year (ADTT), equivalent to infinite fatigue life for a Category C

detail for n equal to 1.0 is 1,290 trucks per day. According to Article 6.6.1.2.3, since the
projected 75-year (ADTT)sp of 1,600 trucks per day exceeds the value of 1,290 trucks per day
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specified in Table 6.6.1.2.3-2, the detail should be designed for an infinite life using the
FATIGUE I load combination.

The maximum tensile stress at the top-flange weld at this location due to the negative moment
caused by the FATIGUE I load combination is:

_ 1.501-688((12) 0761 kel
TS0/ R

|- 0.620] ksi < 0.761 ksi

Therefore, fatigue of the base metal at the stud shear-connector weld tofgll g at this
location must be checked.

The stress range y(Af) at the stud shear-connector weld d @ tagtored fatigue load
(FATIGUE 1 load combination) is computed using the pr prt-term composite
section as:

(ap)= 1:50012)12) 150 s>

16,272 16,272

For a Category C detail, (AF)y =

). For the FATIGUE I load
combination and infinite life, the no i

1S:
(AF), = (AF)yy, Eq. (6.6.1.2.5-1)

Therefore:

Eq. (6.6.1.2.2-1)

si<10.0ksi ok (Ratio=0.177)
10.2.3.2. istortion Induced Fatigue (Article 6.6.1.3)

To prevent distortion induced fatigue, all transverse connection-plate details will provide a
positive connection to both the top and bottom flanges.

10.2.3.3. Fracture (Article 6.6.2)

Material for main load-carrying components subject to tensile stress under the STRENGTH I
load combination is assumed for this example to be ordered to meet the appropriate Charpy V-
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notch fracture toughness requirements for nonfracture-critical material (Table 6.6.2-2) specified
for Temperature Zone 2 (Table 6.6.2-1).

10.2.3.4. Special Fatigue Requirement for Webs (Article 6.10.5.3)

Interior panels of stiffened webs must satisfy the following requirement:

V, <V, Eq. (6.10.5.3-1)

where: V, = shear in the web at the section under consideration due to the
permanent loads plus the factored fatigue load
V. = shear buckling resistance determined from Eq. 6.10.9.3.3-1

In this check, the factored fatigue load is to be determined using tf
combination (Table 3.4.1-1), with the fatigue live load taken €SPeGE
Again, the fatigue live load is modified by the dynamic load ;
lateral distribution factors for the fatigue limit state are use

5 percent and the
ress for this check
S5-year design life.

is assumed able to sustain an infinite numbel‘sm @8 without fatigue cracking due to
this effect.

ecause the shear resistance of the end
ned webs are already limited to the

Only the interior panels of stiffen
panel of stiffened webs and the s
shear buckling resistance at the stren
For this example, the critical paneld
check is the second panel fro
transverse stiffener spacing i
stiffener spacing in the s
cross-frame in Span
computed as follows:

ill be checked. The critical panel for this
which is located adjacent to the end panel. The
» = 7.25 feet (see later shear calculations). The
16.75 feet = 201.0 inches (up to the first intermediate
eet from the abutment to be used in this check is

C is the ratio of the shear buckling resistance to the shear yield strength determined from Eq.
6.10.9.3.2-4, 6.10.9.3.2-5 or 6.10.9.3.2-6, as applicable. First, compute the shear buckling
coefficient, k
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Eq. (6.10.9.3.2-7)

— =559

Since, 1.40 / =1 401f29 000(5 >9) =79.7<
Bk
J E.,

$0.9.3.2-6)

/ﬁ\

co 157 (29,000(5.59)}&67

50

(138.0)°

V, is the plastic shear force determjged as

V, =0.58F Dt, Eq. (6.10.9.3.2-3)

V, =0.58(50)(694(0.5) = 1,00

Therefore, V_ =0.20/@001) V, =165.0kips ok (Ratio=0.618)

ate (Article 6.10.6)

icle 6.10.6.2)

For composite\@&ctions in positive flexure, Article 6.10.6.2.2 refers to the provisions of Article
6.10.7 to dete e the nominal flexural resistance at the strength limit state.

Determine if Se@on 1-1 qualifies as a compact section. According to Article 6.10.6.2.2,
composite sections in positive flexure qualify as compact when: 1) the specified minimum yield
strengths of the flanges do not exceed 70 ksi, 2) the web satisfies the requirement of Article
6.10.2.1.1 such that longitudinal stiffeners are not required (i.e. D/t < 150), and 3) the section
satisfies the following web-slenderness limit:

DCp E
<3.76 F_ Eq. (6.10.6.2.2-1)

A yc
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where Dy, is the depth of the web in compression at the plastic moment determined as specified
in Article D6.3.2.

Earlier computations indicated that the plastic neutral axis of the composite section is located in
the top flange. Therefore, according to Article D6.3.2, D, is taken equal to zero for this case,
and therefore, Eq. 6.10.6.2.2-1 is considered to be automatically satisfied. Section 1-1 qualifies
as a compact section.

Compact sections must satisfy the following ductility requirement specified Ng@rticle 6.10.7.3 to
protect the concrete deck from premature crushing:

D, <0.42D,

where D, is the distance from the top of the concrete deck to thg g composite
section at the plastic moment, and D; is the total depth of the co i

D,=9.0+3.5-1.0+0.44=11.941n.
Dt=1.375+69.0+3.5+9.0=%&8' .

0.42D, =0.42(82.88) = 34.814 1.9

ok (Ratio = 0.343)

According to Article 6.10.7.1.1, at
positive flexure must satisfy the

jt state, compact composite sections in

Eq. (6.10.7.1.1-1)

Skt = eldBtic section modulus about the major-axis of the section to the tension flange
taken as Myi/Fy

M= yield moment with respect to the tension flange determined as specified in Article
D6.2

As specified in Article 6.10.1.6, for design checks where the flexural resistance is based on

yielding (which is the case here), M, may be taken as the moment due to the factored loads at the
section under consideration.
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In this example, lateral bending in the bottom flange due to wind-load effects will be considered
at the strength limit state. For composite sections in positive flexure, lateral bending does not
need to be considered in the compression flange at the strength limit state because the flange is

continuously supported by the concrete deck. In Eq. 6.10.7.1.1-1, {, is the flange lateral bending
stress determined as specified in Article 6.10.1.6. According to Article 6.10.1.6, for design

checks where the flexural resistance is based on yielding, f, may be determined as the stress at
the section under consideration. For simplicity in this example, however, the largest value of f,

within the unbraced length will conservatively be used in all design checks is to be taken as
positive in sign.

In I-girder bridges with composite concrete decks, wind load on the upp, e exterior
girder, the deck, the barriers and the vehicles may be assumed transmltte i g deck,
which acts as a lateral diaphragm to carry the load to the supports. on thgMower half
of the exterior girder may be assumed applied laterally to the bo ‘ ansmits the

ame action of the
transmits them to

load to the adjacent cross-frames or diaphragms by flexural 3
cross-frames or diaphragms then transmits the forces to the
the supports through diaphragm action.

Article C4.6.2.7.1 provides the following f&ula red wind force per unit length
applied to the bottom flange of composite or no i i
concrete or orthotropic steel decks:

W= T”;) pd Eq. (C4.6.2.7.1-1)
where Pp is the design horizo specified in Article 3.8.1 and d is the depth of

the girder. Earlier, Pp was co

approxima mputing the maximum flange lateral bending moment due to the

Eq. (C4.6.2.7.1-2)

Assemble the fa@lared actions needed to check Eq. 6.10.7.1.1-1 at Section 1-1. The unbraced
length, Ly, at Section 1-1 is 24.0 feet. In this example, 1 is taken equal to 1.0 at the strength
limit state. The wind load acting on the live load (WL) is assumed transmitted directly to the
deck and is therefore not considered in the STRENGTH V load combination in this example. For
simplicity, the effect of the overturning force due to WL on the vehicle wheel loads is also not
considered in this example. The amplification factor, AF, for f, (Article 6.10.1.6) is taken equal
to 1.0 for flanges in tension.
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Note again that first- or second-order flange lateral bending stresses, as applicable, are limited to
a maximum value of 0.6Fyr according to Eq. 6.10.1.6-1.

For STRENGTH I:

Dead and live loads: M, =1.0[1.25(2,202 +335) +1.5(322) +1.75(3,510)]| = 9,797 kip — ft

Wind loads: Not considered .. f,=0

For STRENGTH III:

Dead loads: M, =1.0[1.25(2,202 +335) +1.5(322)] = 3,654 kip — ft

_ 1.0(1.4)(0.053)(1.375+69.0 +1.0) /12

Wind loads: W =0.221

2
2
= 0221C407 5 5344,
M 12702 o6 154 W06 ksi < 0.6F,, = 30.0 ksi ok
S, 1.37518) /6

06
)

For STRENGTH IV:
Dead loads: M, =5 (2, 335+322)|=4,289 kip —ft
t @sidered f,

=0

Wind loads:

For STRENGTH V:
Dead and 5(2,202 +335)+1.5(322) +1.35(3,5 10)] =8,393 kip —ft

00.4)(0.053)(1.375+ 69.0 +1.0) /12

Wind loads: > =0.063 kips/ft
2
0063408 3 1o o
10
£ =M 360D 67 15i% AF=0.587(1.0) = 0.587 ksi<0.6F,; =30.0 ksi ok

S, 1.375(18) /6

From an examination of the above flange lateral bending stresses, it is apparent that for typical
cross-frame spacings, the majority of the wind force on the lower half of a composite structure is
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transmitted directly to the deck through the cross-frames and only a small portion of the force is
resisted through lateral bending of the bottom flange.

10.2.4.1.1. Nominal Flexural Resistance (Article 6.10.7.1.2)

According to the provisions of Article 6.10.7.1.2, the nominal flexural resistance of compact
composite sections in positive flexure is determined as follows:

If D, < 0.1Dy, then:

M, =M,

D
Otherwise: M, =Mp(1.07—0.7 D—"}

t

ed in Article D6.1.
pn is limited to the

where M, is the plastic moment of the composite section detgrm
However, in a continuous span, the nominal flexural resi
following:

M, =1.3R M, Eq. (6.10.7.1.2-3)
where M, is the yield moment of
unless the specific steps outlined i

robustness of adjacent pier sections
yielding within the positive flex

etermined as specified in Article D6.2,
ken to ensure sufficient ductility and
istribution of moments caused by partial
s inconsequential. Specifically, Articles B6.2 and
O LRFD (5" Edition, 2010)) are referred to for
to avoid the limitation given by Eq. 6.10.7.1.2-
3.

For Section 1-1, M,

y were computed earlier to be 14,199 kip-ft and 10,171 kip-ft,

) =8.29in.<D, =11.941n.

11.94

Therefore, 14,199/1.07 - 0.7) —— || = 13,761 kip — ft
82.88

Or, M, =1.3(1.0)(10,171) =13,222 kip —ft (governs)
Therefore, M,, = 13,222 kip-ft

Calculate Sy.. The yield moment, My, was calculated with respect to the tension flange;
therefore, My, = My:
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=2.441in’

g My _10171(12)
xt F 0

yt
Now that all the required information has been assembled, check Eq. 6.10.7.1.1-1:

M, +%fesxt <¢:M, Eq. (6.10.7.1.1-1)

For STRENGTH I:

M, +%f€Sxt =9,797 kip— ft +0=9,797 kip — ft

oM, =1.0(13,222) =13,222 kip—ft
9,797 kip—ft <13,222 kip—ft ok

) 4

M, +lflSm =3,654 kip —ft+l
3

For STRENGTH III:

oM =1.0(13,222) =
3,794 kip —ft <1

For STRENGTH IV:
289 kip — ft + 0 = 4,289 kip — ft

92) = 13,222 kip — ft
ARO kip — ft <13,222 kip—ft ok (Ratio = 0.324)
For STRENGTH

M, +%fzsxt =8,393 kip—ft%% =8,433 kip — ft

oM, =1.0(13,222) =13,222 kip — ft
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8,433 kip —ft <13,222 kip—ft ok (Ratio = 0.638)
10.2.4.2. Shear (6.10.6.3)

Article 6.10.6.3 refers to the provisions of Article 6.10.9 to determine the nominal flexural
resistance at the strength limit state.

At the strength limit state, webs must satisfy the following:

V, <6V, g- (6.10.9.1-1)
where: ¢, =  resistance factor for shear = 1.0 (Article 6.5.4.2)
»= nominal shear resistance determined as specified in Articles

for unstiffened and stiffened webs, respectively
V,= shear in the web at the section under consideratio

.fhe STRENGTH 1 load
ed shears in the interior girder
is again taken equal to 1.0 in
are taken as the shear envelope values.

for the STRENGTH I load combination ar
combination controls for shear by inspectiony
are larger under the STRENGTH I load combin
this example at the strength limit state. Live-load s

A sample calculation of V, at the a

V, =1.0[1.25(87 + 75(139)] =388 kips

The required spacing of t i s in Field Section 1 will now be determined. First,
determine the nominal an unstiffened web according to the provisions of
Article 6. 10 9.2. Acc 10.9.2, the nominal shear resistance of an unstiffened
web 1s i ckling resistance, V., determined as

Eq. (6.10.9.2-1)

C is the ratio
6.10.9.3.2-4, 6.
taken equal to 5.

Since, 1.40 / Ek =1 401/29 000(5 00) =754< D % =138.0

e shear buckling resistance to the shear yield strength determined from Eq.
9.3.2-5 or 6.10.9.3.2-6, as applicable, with the shear buckling coefficient, k,
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1.57 ( Bk
c= 137 [—J Eq. (6.10.9.3.2-6)

co 157 (29,000(5.00)

- =0.239
(138.0)° 50 ]

V,, is the plastic shear force determined as follows:

v, = 0.58wath 6.10.9.2-2)

V, =0.58(50)(69.0)(0.5) = 1,001 kips

SYMM. ABT.

Q|‘: BEARING CL BRIDGE

Field Section 1

|
|
|
|
|

-546

16: Design Shears Due to the Factored Loads - STRENGTH |
Shears shown are for the interior girder and are in kips

Therefore, V, =V_ =0.239(1,001) =239 kips

¢, V. =1.0(239) =239 kips
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The maximum value of V,, in Field Section 1 is 388 kips (Figure 16), which exceeds ¢,V, = 239
kips. Therefore, transverse stiffeners are required in Field Section 1 and the provisions of Article
6.10.9.3 apply.

10.2.4.2.1. End Panel (Article 6.10.9.3.3)

According to Article 6.10.9.3.3, the nominal shear resistance of a web end panel is limited to the
shear buckling resistance, V,, determined as:

V, =V, =CV,

C is the ratio of the shear buckling resistance to the shear yield strength i@ ~@0.9.3.2-4,
6.10.9.3.2-5 or 6.10.9.3.2-6, as applicable. First, compute the shear bykli effici
According to Article 6.10.9.3.3, the transverse stiffener spacing for S
1.5D = 1.5(69.0) = 103.5 inches. Assume the spacing from the transverse
stiffener is d, = 7.25 feet = 87.0 inches.

=8.15

69.0

Since, 05 138.0
Eq. (6.10.9.3.3-2)
58(50)@RA0)(0.5) = 1,001 kips
Therefore, (1,001) =390 kips
=1.0(390) =390 kips>V, =388 kips ok (Ratio=0.995)
10.2.4.2.2. Interior Panels (Article 6.10.9.3.2)

According to Article 6.10.9.1, the transverse stiffener spacing for interior panels without a
longitudinal stiffener is not to exceed 3D = 3(69.0) = 207.0 inches. For the first interior panel to
the right of the end panel, assume a transverse stiffener spacing of d, = 16.75 feet = 201.0 inches,
which is the distance from the first transverse stiffener to the first intermediate cross-frame in
Span 1 (assume that the cross-frame connection plate serves as a transverse stiffener). At the
first transverse stiffener located d, = 7.25 feet from the abutment, V, is equal to 345 kips.
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For interior panels of both nonhybrid and hybrid members with the section along the entire panel
proportioned such that:

DL s Eq. (6.10.9.3.2-1)
(bfctfc +bﬁtﬂ)

The nominal shear resistance is to be taken as the sum of the shear buckling resistance and the
postbuckling resistance due to tension-field action, or:

N 0.87(1— Cz
1+ (d")
D —
Otherwise, the nominal shear resistance is to be taken as

Eq. 6.10.9.3.2-8. Previous specifications d" not
develop postbuckling resistance due to tensi

related to the effects of moment-shear interactio no
reasons discussed in Article C6.10.9.3.2.
For the interior web panel under co 0n:
2(69.0)(0.5) 7 3
[16(1.0) +18(0.8
~ =

2.0065:39) 797 D _690_ 344
50 t, 05

o 157 : (29,000(5.59)) 0267
(138.0) 50

V. =V |C W .3.2-2)

e determined from
pa f hybrid members to
0, note that previous provisions
luded in the specifications for

Since,

v, = 0-58wath Eq. (6.10.9.3.2-3)

V, =0.58(50)(69.0)(0.5) =1,001 kips
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0.87(1-0.267)

201.0Y
14+ 2
[69.0)

Therefore, L -

V, =1,001 0.267 + =475 kips

¢V, =1.0(475) =475 kips >V, =345 kips ok (Ratio=0.726)

gent is equal to
e, assume a
me to the

V, at the first intermediate cross-frame in Span 1 located 24.0 feet from the a8
250 kips, which is greater than ¢,V, = 239 kips for an unstiffened web. 48

transverse stiffener spacing of d, = 3D = 17.25 feet = 207.0 inches from
next stiffener.

5

k=5+—"—"7=556
69.0
Since, 140 | EX 1 40, [22:99065.50) @,
Fyw 50
co 157 : (29,000( o™
(1380) 50
V, =1,001kips Q
Therefore, + 0.8 _0-2662) — 468 kips
207.0
1+ ——
69.0 ) |

=1.0(468) = 468 kips>V, =250 kips ok (Ratio = 0.534)

V. at this stiffencr is equal to 162 kips, which is less than ¢,V, = 239 kips for an unstiffened
web. Therefore, no additional transverse stiffeners are required at the left end of Field Section 1.
At the right end of Field Section 1, V, at the fourth intermediate cross frame located 96.0 feet
from the abutment is equal to 320 kips, which exceeds ¢V, = 239 kips for an unstiffened web.
Assume a transverse stiffener spacing of d, = 3D = 17.25 feet = 207.0 inches to the left of this
cross frame. For this panel:
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2(69.0)(0.5)
[16(1.0) +18(1.375)]

=1.69<2.5

Therefore, the nominal shear resistance may be taken as the sum of the shear buckling resistance
and the postbuckling resistance due to tension-field action. As determined above for this
stiffener spacing,

¢V, =1.0(468) =468 kips>V, =320 kips ok (Ratio=10.684)

V, at this stiffener is equal to 233 kips, which is less than ¢,V, = 239 ki
web. Therefore, no additional transverse stiffeners are required at the right e
1.

r an unstiffened
Field Section
10.3. Exterior Girder Check: Section 2-2

10.3.1. Strength Limit State (Article 6.10.6)

10.3.1.1. Flexure (Article 6.10.6.2)

For composite sections in negative flexure attﬁm stregoth li tate, Article 6.10.6.2.3 first asks
the Engineer to determine if the web of ¥he_s ati@llies the following noncompact
slenderness limit:

2D
c <57 =
t, F,.

is to be determined as specifig@lli i ¥1. According to Article D6.3.1 (Appendix D to
Section 6 of the AASHT , 2010)), for composite sections in negative flexure
at the strength limit s

Eq. (6.10.6.2.3-1)

Theretore, at Section 2-2, D, is equal to 36.96 inches from the
elastic se i ted earlier. Recall that Fy. at Section 2-2 is 70 ksi. Therefore,

0.5625

Thus, Section 2-2 is classified as slender-web section and the provisions of Article 6.10.8 must
be used to compute the nominal flexural resistance. Since the specified minimum yield strengths
of the flanges do not exceed 70 ksi, the optional provisions of Appendix A (to Section 6 of
AASHTO LRFD (5™ Edition, 2010)) could have been used to compute the nominal flexural
resistance had Eq. 6.10.6.2.3-1 been satisfied. In Appendix A, which is applicable to either
noncompact web or compact web sections, the nominal flexural resistance is permitted to exceed
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the moment at first yield. The provisions of Article 6.10.8 may be used instead for these types
of sections, if desired, but at the expense of some economy; in particular, for compact web
sections. The potential loss in economy increases with decreasing web slenderness.

According to Article 6.10.8.1, for composite sections in negative flexure, the following
relationship must be satisfied for the discretely braced compression flange at the strength limit
state:

1
fo +§f4 <¢.F, q. (6.10.8.1.1-1)

where: ¢y = resistance factor for flexure = 1.0 (Article 6.5.4.2)
F.. = nominal flexural resistance of the compression flange detdgihi SPekificd in
Article 6.10.8.2 (i.e. local or lateral torsional buckling resi i
controls)
The terms fy,, and f, are the same as defined earlier. At th i , the top (tension)
flange is considered to be continuously braced by the co i eck. According to

Article 6.10.8.1.3, continuously braced flangeg in tension m i ollowing relationship
at the strength limit state:

fo. < O/R,E, Eq. (6.10.8.1.3-1)

As discussed in Article C6.10.1.6, | beWding stresses need not be considered

Section 2-2 due to the factored loads under the
without consideration of flange lateral bending. As
ual to 1.0 in this example. Therefore:

STRENGTH I load combinati
discussed previously, th

¥20) s 1.25(-690) .\ 1.5(- 664) . 1.75(—4,040) |
3,228 3,228 3,808

12=53.87 ksi

12=-55.49 ksi

0 1.25(—4,840) s 1.25(-690) .\ 1.5(- 664) .\ 1.75(—4,040) |
' 3,149 3,216 3,216 3,327

Calculate the nominal flexural resistance, F,., of the bottom (compression) flange taken as the
smaller of the local buckling resistance and the lateral torsional buckling resistance according to
Article 6.10.8.2.1.
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10.3.1.1.1. Bottom Flange
10.3.1.1.1.1. Lateral Torsional Buckling Resistance (Article 6.10.8.2.3)

For illustration purposes, initially assume an unbraced length, L, on either side of the interior
pier (Section 2-2) equal to 17.0 feet. In both unbraced lengths, there is a flange transition located
15.0 feet from the pier section (Figure 3). According to Article 6.10.8.2.3, for unbraced lengths
containing a transition to a smaller section at a distance less than or equal to 20 percent of the
unbraced length from the brace point with the smaller moment, the latergd torsional buckling
resistance may be determined assuming the transition to the smaller section (Q@s i
Based on this assumption, determine the limiting unbraced length, Lj:

L, =105, |
E,,

where 1y is the effective radius of gyration for lateral torsional b terfillined as:

Eq. (6.10.8.2.3-9)

It should 1 i that the most economical solution is not usually achieved by
limiting t . L, in order to reach the maximum lateral torsional buckling

L =nr, |— Eq. (6.10.8.2.3-5)

where: F =0.7F. _<F

yr ye yw

F, =0.7(70)=49.0 ksi<50 ksi ok
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F,r must also not be less than 0.5F,. = 0.5(70) = 35.0 ksi ok.

n(5.33) (29,000
12 49.0

Therefore: L. = =3395ft

For this unbraced length, since f,¢/f> is less than 1.0 and f; is not equal to zero, calculate the
moment gradient modifier, Cy, according to Eq. 6.10.8.2.3-7 as follows:

2
f f
C,=175-1 .OS(f—IJ + 0.3(#) <23

2 2

. (6.10.8.2.3-7)

f, is generally taken as the largest compressive stress without considerat
due to the factored loads at either end of the unbraced length of the flange deration,

the stress

example, f, is equal to the largest compressive stress in ange at Section 2-2
1 this calculation). The value of
f) is given by Eq. 6.10.8.2.3-10 as:

fi=f1, Eq. (6.10.8.2.3-10)
where f, is the stress without consi
brace point opposite to the one 1 ¥ 1, is to be calculated from the moment

consideration, or the smallest
taken as positive in compau@si
for all cases where th i

nt is never in compression, and both are to be
e in tension. Note that Article 6.10.8.2.3 states that
ent along the entire length between the brace points

The revisi
(not used
important ca!
more refined
Cy, calculated

0 remove ambiguities and to address a number of potentially
re the prior Cy, calculations were significantly unconservative relative to
ions. To illustrate, Appendix B (to this design example) shows the values of
Eq. 6.10.8.2.3-7 for a number of different potential cases.

For the unbraced [ength under consideration in this example, calculate f; = f, assuming the flange

transition does not exist. Separate calculations show that the stress at the brace point on the left
side of Section 2-2 controls for the STRENGTH I load combination. Therefore,
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STRENGTH I

1.25(-2,390) . 1.25(-334) . 1.5(-321) . 1.75(-2,615)
3,149 3216 3,216 3327

Bot. flange: f, =f = 1.0{

}12 =31.24 ksi

Note that f, is taken as positive in compression.

C,=175- 1.05[%) + 0.3(%) =1.25<23 ok

55.49 55.49

Determine the hybrid factor, Ry. According to the provisions of Article
factor is to be taken as:

_ 12+[3(3p—p3)

h

12+2B
where:  po 2ot Eq. (6.10.1.10.1-2)
Ao
and p equals the smaller of Fy./f, and 1.0. D, en as ger of the distances from the

of either flange. For sections where the
e 6.10.1.10.1. At Section 2-2, D, is
e longitudinal reinforcement). Ag, is
equal to the sum of the flange area and over plates on the side of the neutral axis
corresponding to D,. For co in negative flexure, the area of the longitudinal
reinforcement may be includ i for the top flange (when applicable). At

elastic neutral axis of the cross-section to t

For section ¢ i ccurs first in the flange, a cover plate or the longitudinal
reinforcemerigi i e neutral axis corresponding to Dy, f, is taken as the largest of the
yield strengths of each component included in the calculation of Ag,.
0 be taken as the largest of the elastic stresses in the flange, cover plate or
longitudinal rein{@icement on the side of the neutral axis corresponding to D, at first yield on the
opposite side of the neutral axis. Separate calculations show that yielding occurs first in the
bottom flange at Section 2-2. Therefore, f,, = 70.0 ksi.

Otherwise, f, 1

F
p=— =—50'0=0.714
f 700

n
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_ 12+1.04003(0.714) (0.714)']

R
' 12+2(1.040)

=0.984

Determine the web load-shedding factor, Ry,. According to the provisions of Article 6.10.1.10.2,
since:

2D E
es1314>0, =57 /F— ~116.0 Egs. (6.10.1.10.2-2), (6.10.1.10.2-4)
w ye
2D
R, =1- ue = A |<1.0 10.1.10.2-3)
1200 +300a__ )\ t.

2Dt
where: a,=—-— .1.10.2-5)
b&tﬁ
. = 2(36.96)(0.5625) _ 1040
20(2)

4

1.040
R, =1- 131.4 -
° (1,200 + 300(1.040)j(

For values of reater than 1.0, Article D6.4.1 (Appendix D to Section 6 of AASHTO LRFD
(5th Edition, 20) allows the maximum lateral torsional buckling resistance, Fy. = Fpux =
RyRyFye, to be reached at larger unbraced lengths. However, since Fp. is already reached at Ly,
= 17.0 feet in this case, it is not necessary to utilize these provisions.

A lateral torsional buckling resistance of 68.12 ksi is not required for this particular unbraced
length. Therefore, try a larger unbraced length of Ly, = 20.0 feet on either side of Section 2-2. In
this case, the flange transition is now located at a distance greater than 20 percent of the
unbraced length from the brace point with the smaller moment. Therefore, according to Article
6.10.8.2.3, the lateral torsional buckling resistance is to be taken as the smallest resistance within
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the unbraced length under consideration. This resistance is to be compared to the largest value of
the compressive stress due to the factored loads, fy,, throughout the unbraced length calculated
using the actual properties at each section. Note also that the moment gradient modifier, C,,
should be taken equal to 1.0, and L}, should not be modified by an elastic effective length factor
when this approximate procedure is used.

Calculate the elastic section properties of the smaller section at the flange transition:

Table 14 Flange Transition:

Steel Only Section Proper

—70.00
76.81

=-091in.

61889

STDPDF STEEL — H =1700n. ;

Component A d Ad Ad*?
Top Flange 1" x 18" 18.00] 35.00 630.0
Web 9/16" x 69" 38.81
Bottom Flange 1" x 20" | 20.00{-35.00 -700.0
76.81 —70.00

d
dropor sreer = 35.50+0.91=36.41in.

Table 15 Flange Tran

jon + Long. Reinforcement/3

Component Ad*? I, I
Steel Section 61,953
Long. Reinforcement/3 150.1 6.397 6.397
20.10 68.350
—1.00(80.10)= —80.10
I, = 68270 in?

d poropsres: =35.50+1.00=36.50n.

2 3
S 68270 870in.

BOTOFSTEEL
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Table 16 Flange Transition: Steel Section + Long. Reinforcement

Component A d Ad Ad*? I, I
Steel Section 76.81 —70.00 61,953
Long. Reinforcement 10.56| 42.63 450.2 19,191 19,191
87.37 380.2 81,144
—4.35(380.2)= —1.654
vt =22 _ 4350 I, = 79,490 in*
87.37

d rosopseer = 35.50-4.35=31.15m,

79,490

TOPOFSTEEL 31.15

S

2.552m.’

S

BOTOF STEEL 30.85

Table 17 Flange Transition: Composite Section P

Component A d Ad
Steel Section 76.81 —70.00
Concrete Slab 9" x 114"/ 24| 42.75| 42.50 1.817 77,506
119.6 1, 139,450
1(1,747)= 25,524
I, = 113,935 in*

£=14.61m.

in T

d
d

S

S

BOTOF STEEL

opsres =35.50+14.61=50.11in,

113935
50.11

=2,274in

f Composite Section Properties; n =8

S

TOPOFSTEEL

A

TororsTeeL = 39-50-26.25=9.251n.

153257

=16,568in.’

Ad Ad? I, I
~70.00 61,953
5433 231,742 865.7] 232,608
5,383 204,561
-26.25(5,383)=  —144,304

dpororeres, =35.50+26.25 = 61.751n.

S

BOTOF STEEL

I:{.:. -

153,257
61.75

153,257 in4

=2482in’°
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Calculate F,,. using the smaller section at the transition:

r = 20 =4.941n.

)

L _1.0(4.94) [29,000 g8t
P 12 70

L - n(4.94) [29,000 _ 31461t
12V 49.0

Determine Ry:

D, =38.85 in.

Ag=20(1)=20.0 in.?

4

f, =70.0 ksi

- 2(38.85)(0.5625)
20.0

p=50.0/70.0 =0.71

138.1> A, =116.0

2(38.85)0.5625)
20.0

=2.185

R, =1- 2185 (138.1-116.0)= 0.974
1,200 +300(2.185)

Since L, = 8.38 feet <Ly, = 20.0 feet <L, =31.46 feet,
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F =101-|1- .0 (20'0_8'38) (0.974)0.970)70) = 56.87 ksi
0.970(70.0) \ 31.46-8.38

56.87 ksi<0.974(0.970)70) = 66.13 ksi

.. Fne =56.87 ksi

Obviously, there is a significant discontinuity (reduction) in the predig#gd lateral torsional
buckling resistance when a flange transition is moved beyond 0.2L;, from the'%
smaller moment, and the preceding approximate procedure is applied to de8
resistance of the stepped flange. A more rigorous approximate solution fog
resistance for this unbraced length is presented for consideration in Appe
example). However, the results from this procedure are not utilized in this

10.3.1.1.1.2. Local Buckling Resistance (Article 6.10.8.2.

Calculate the local buckling resistance of the bottom flige ctio 2. Determine the
slenderness ratio of the flange:

b
A =—1
2t
20
r@ a compact flange (alternatively, see Table

Eq. (6.10.8.2.2-4)

Eq. (6.10.8.2.2-3)

Determine the limiting sle
C6.10.8.2.2-1):

=038

Since Ar < Aps,

F,. =R,R,F,, Eq. (6.10.8.2.2-1)

Fac = (0.989)(0.984)(70.0) = 68.12 ksi

Calculate the local buckling resistance of the bottom flange in the smaller section at the flange
transition. Determine the slenderness ratio of the flange:

109



A =22 10,0

2(1)

Since As> Ay, determine the limiting slenderness ratio for a noncompact flange as follows:

A, =0.56 /Fi Eq. (6.10.8.2.2-5)
yr

E, =0.7E, <F,_

F,, =0.7(70) =49.0 ksi < 50.0 ksi ok

F,r must also not be less than 0.5F,. = 0.5(70) = 35.0 ksi ok

Therefore: A, = 0.561f29’000 =13.62
49.0

And:
F.= Eq. (6.10.8.2.2-2)
F = 0.974)0.970)70.0) = 59.04 ksi
At Section 2-2 and n, Fnc is governed by the lateral torsional buckling
resistance of 56.87 ksi, i an the local buckling resistance of 68.12 ksi at Section 2-2
and 59.0 ition. Therefore, F,. = 56.87 ksi at both locations.
10.3.1.1.2.

As specified {@\rticle 6.10.1.6, for design checks where the flexural resistance is based on
lateral torsional\@lckling, fy, is to be determined as the largest value of the compressive stress
throughout the Whbraced length in the flange under consideration, calculated without
consideration of flange lateral bending. For design checks where the flexural resistance is based
on yielding, flange local buckling or web bend-buckling, f,, may be determined as the stress at
the section under consideration. Therefore,
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For STRENGTH I:
Section 2-2

Top flange: f=53.87 ksi (computed earlier)
Bot. flange: f = -55.49 ksi (computed earlier)

Flange transition (Span 1)

1.25(-2,656)  1.25(-373) 1.5(-358) 1.75(-2, =51.81 ksi

Top flange: f = 1.0{

1,700 1,979 1,979 2,55
Bot, flange: £ =1.0 1.25(- 2,656)+ 1'25(_373)+ 1.5(—358)+ 1.75(- 5 ksi
1,789 1,870 1,870 1,993

.. Bot. flange: f,, =-57.22 ksi

For STRENGTH III:

Section 2-2

- 664) 12=31.59 ksi
28
—664) 12:—29.99 ksi
3216

s 1.25(-378) .\ 1.5(-364)
1,979 1,979

) s 1.25(-378) s 1.5(-364)

1,870 1,870

}12 =30.16 ksi

}12 =-29.33 ksi

For STRENGTH IV:

Section 2-2

1.5(—4,840) . 1.5(-690) .\ 1.5(- 664)
2,942 3,228 3,228

Top flange: f = 1.0{ }12 =37.16 ksi
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1.5(—4,840) . 1.5(-690) . 1.5(— 664)
3,149 3,216 3216

Bot. flange: f = 1.0{ }12 =-35.24 ksi

Flange transition (Span 2)

1.5(-2,718) . 1.5(~378) . 1.5(-364)

Top flange: f = 1.0[ }12 =35.53 ksi

1,700 1,979 1,979
Bot. flange: f =1.0 15(-2.718) + 15(-378) + 1.5(-364) 12 =-34.49
1,789 1,870 1,870

.. Bot. flange: f,, =-35.24 ksi
For STRENGTH V:

Section 2-2

1.25(—4,840) s 1.25(-690) 1.5(-

Top flange: f = 1.0[ i 40)}12 =48.77 ksi

2,942 ) 3,808
Bot. flange: f =1.0 1.25(-4:840) L 12 (-6 1.35(-4,040) 12 =-49.66 ksi
3,149 216 3,327

Flange transition (Span 1)

.\ 1.5(-358) . 1.35(-2,709)

}12 =46.72 ksi

1,979 2,552
Bot. flange: f = 5(_ 373) + 1'5(_358) + 1'35(_ 2’709) 12 =-50.71 ksi
1,870 1,870 1,995

In this examp
strength limit $

cral bending in the bottom flange due to wind-load effects is considered at the
e. For simplicity in this example, the largest value of f, within the unbraced
length will cons@atively be used in all design checks. f, is to be taken as positive in sign.
Egs. C4.6.2.7.1-1¥and C4.6.2.7.1-2, presented earlier, are again used to compute the factored
wind force per unit length, W, applied to the bottom flange, and the maximum flange lateral
bending moment due to the factored wind load, My, within the unbraced length, respectively.
Again, the wind load acting on the live load (WL) is assumed transmitted directly to the deck and
is therefore not considered in the STRENGTH V load combination in this example. The
overturning effect of WL on the wheel loads is also not considered.
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According to Article 6.10.1.6, lateral bending stresses determined from a first-order analysis may
be used in discretely braced compression flanges for which:

CyR,

L <12L
b "\ f,. /F,c

Eq. (6.10.1.6-2)

fou 1S the largest value of the compressive stress due to the factored loads throughout the
unbraced length in the flange under consideration, calculated without congideration of flange
lateral bending. In this case, fi,, = -50.71 ksi, as computed earlier for the ENGTH V load
combination (which is the controlling load case with wind included is particular
computation). Therefore:

) 1.0(0.974)

1.2(8.38
[-50.71|/70

=11.66ft <L, =20.0 ft

cond-order elastic
T order compression-
g first-order values (i.e. f,;) as
rsional buckling equal to 1.0,
unbraced length):

Because the preceding equation is not satisfied, Article 6.1 s tha
compression-flange lateral bending stresses be determine
flange lateral bending stresses may be dete*’ned
follows (assuming an elastic effective length*fagtor

which should not be modified since the flange is

Eq. (6.10.1.6-4)

where A g I i factor and F; is the elastic lateral torsional buckling stress for the
flange und S ati pfied in Article 6.10.8.2.3 determined as the smallest resistance

Eq. (6.10.8.2.3-8)

1.0(0.974)x* [29,000) _ 1o\ 10

4.94

Note again that the calculated value of F; for use in Eq. 6.10.1.6-4 is not limited to R,RyFyc.

113



The amplification factor is then determined as follows:

For STRENGTH III:

AF:L=1.14>1.0 ok

|_[-29.99
118.1

For STRENGTH V:

AF=L:1.49>1.0 ok

| -50.71]
118.1
Note that first- or second-order flange lateral bending str@8ses, pplicg@fe, are limited to a

maximum value of 0.6Fyf according to Eq. 6.10.1.6-1. The\@rges within the unbraced
length will be conservatively used to cogigute and smallest bottom flange will

conservatively be used to compute f,. Therefore,

For STRENGTH I:
Wind loads: Not considered

For STRENGTH III:

Wind loads: W =—

=0.226 kips/ft

ﬁ =1.63 ksi* AF=1.63(1.14) =1.86 ksi<0.6F, =42.0 ksi ok
For STRENGTH IV:

Wind loads: Not considered

For STRENGTH V:

1.0(0.4)(0.053)(2.0 + 69.0 + 2.0) /12
2

Wind loads: W =

=0.064 kips/ft
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~0.064(20.0)°

M, —2.56 kip—ft
10
M : . . :
£ =M _ 2 56(122) =0.46 ksi* AF=0.46(1.49) = 0.69 ksi<0.6F,, =42.0 ksi ok
S,  1.0(20) /6

Now that all the required information has been assembled, check Eqgg

. 6.10.8.1.1-1 and
6.10.8.1.3-1, as applicable:

10.3.1.1.2.1. Bottom Flange

fbu+%fl <¢,F, DR.1.1-1)

For STRENGTH I:

£, + %fg =|-57.22| ksi+0= 57‘2 ksi

OFpe = 1.0(56.87) = 56.87 ksi

57.22 ksi > 56.87 ks

For STRENGTH III:

ok (Ratio=10.538)

f, =|-35.24| ksi+0=35.24 ksi

OF e = 1.0(56.87) = 56.87 ksi

35.24 ksi < 56.87ksi ok (Ratio=0.620)
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For STRENGTH V:

f,, +%f¢ =|-50.71 ksi+%(0.69): 50.94 ksi

OFne = 1.0(56.87) = 56.87 ksi
50.94 ksi < 56.87 ksi ok (Ratio =0.896)

10.3.1.1.2.2. Top Flange

fou <OR,F, 0.8.1.3-1)

For STRENGTH I:

Section 2-2: fiou = 53.87 ksi
¢RyFyr = 1.0(0.984)(70.0) = 68.88 ks
53.87 ksi < 68.88 ksi Q R

Flange transition: fou = 51.81 ksi
¢RLFyr=1.0
51.81 ksi

For STRENGTH III:

Section 2-2: 31.5

oRp 1.0(0.984)(70.0) = 68.88 ksi
1<68.88 ksi ok (Ratio=10.459)
Flange transiti fou, = 30.16 ksi

¢RyFyr = 1.0(0.970)(70.0) = 67.90 ksi
30.16 ksi < 67.90 ksi ok (Ratio =0.444)
For STRENGTH IV:

Section 2-2: fou = 37.16 ksi

ORLFye = 1.0(0.984)(70.0) = 68.88 ksi
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37.16 ksi < 68.88 ksi ok (Ratio =0.539)
Flange transition: fou = 35.53 ksi

¢RwFyr = 1.0(0.970)(70.0) = 67.90 ksi

35.53 ksi <67.90 ksi ok (Ratio=0.523)

For STRENGTH V:

Section 2-2: fiou = 48.77 ksi
¢RywFyr = 1.0(0.984)(70.0) = 68.88 ksi
48.77 ksi < 68.88 ksi ok (Ratio =0.708

Flange transition: fou, = 46.72 ksi

ORLFyr = 1.0(0.970)(70 =

46.72 ksi < 67.90 ksi ok

calculated percentage of the negative m e factored loads at the pier section under
aking the preceding checks (Article 6.10.6.2.3).
nal procedures of Appendix B (to Section 6 of
AASHTO LRFD (5th pecifically, Articles B6.4 or B6.6). When the
redistribution moment ding to these procedures, the flexural resistances at
the strength limit state i d lengths immediately adjacent to interior-pier sections
satisfyin f Article B6.2 need not be checked. At all other locations, the
provision i . 6.10.8.1 or A6.1, as applicable, must be satisfied after

The moments may be redlstrl

Article 6.10.6.3\@fers to the provisions of Article 6.10.9 to determine the nominal flexural
resistance at the strength limit state.

Separate calculations similar to those shown previously for the interior panels in Field Section 1
are used to determine the spacing of the transverse stiffeners in the interior panels of Field
Section 2, and will not be repeated here. The resulting stiffener spacings are shown on the girder
elevation in Figure 3. Note that although larger spacings could have been used in each panel in
Field Section 2, the stiffeners in each panel were located midway between the cross-frame
connection plates in each panel for practical reasons in order to help simplify the detailing.
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10.3.2. Service Limit State (Article 6.10.4)
10.3.2.1. Permanent Deformations (Article 6.10.4.2)

Article 6.10.4.2 contains criteria intended to control objectionable permanent deformations due
to expected severe traffic loadings that would impair rideability. As specified in Article
6.10.4.2.1, these checks are to be made under the SERVICE II load combmatlon specified in
Table 3.4. 1 1. These criteria were discussed previously under the service lamit state checks for
Section 1-1.

For members with shear connectors provided throughout their entire leng
provisions of Article 6.10.1.7, Article 6.10.4.2.1 permits the concrete deck
effective for negative flexure when computing flexural stresses acting on

and the SERVICE II loads. Therefore, the SERVICE II fle
assuming the concrete deck to be effective for loads applie
Determine Ry:

Section 2-2: D, =56.35 in. (conser&i ly -term composite section)

A =20(2) =40.0 inZ

fn =70.0 ksi

- 1.585[3(0.714)— (0.714)3]

=0.977
12 +2(1.585)

Flange transit D, =60.75 in. (conservatively use the short-term composite section)

Agm=20(1)=20.0 in.?

f, = 70.0 ksi
- 2(60.75)(0.5625) _ 3417
20.0

p=50.0/70.0 = 0.714
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12+3.4173(0.714) - (0.714)']

_ =0.960
' 12+2(3.417)

Check the flange stresses due to the SERVICE II loads at Section 2-2 and at the flange transition
within the unbraced length in Span 1 adjacent to Section 2-2. 1 is specified to always equal 1.0 at

the service limit state (Article 1.3). For the example bridge, f, is taken equal to zero at the
service limit state:

For SERVICE II:
Section 2-2
1.0(—4,84 1.0(— —664) 1.3(— 4,04
Top flange: f. =1.0 O( 8 O)+ 0( 690+ —66 ) 3 0
2,942 6,606 15.547
Bot. flange: f,=1.0 1.0(- 4’840) + 1.0(~ 690+ —664) S ki
3,149 3,626

Flange transition

Top flange: f. =10 1.0{-2,656) +Q(_ ~2,709) 12 =22.91ksi
1,700 16,568
Bot. flange: f; = 1.0{1'0(_ 2,656 + 1'3(2_42;;09)}12 =—-38.70 ksi

Bottom Flange

f
£+ 3‘ <0.95R, Eq. (6.10.4.2.2-2)

Section 2-2: .977)(70.0) = 64.97 ksi
1+0<64.97ksi ok (Ratio=0.601)
Flange Trans . vt = 0.95(0.960)(70.0) = 63.84 ksi

|[-38.70)ksi+0<63.84ksi ok (Ratio = 0.606)

Top Flange
f, <0.95R, F Eq. (6.10.4.2.2-1)
Section 2-2: 0.95RuFyr = 0.95(0.977)(70.0) = 64.97 ksi

26.26 ksi < 64.97 ok (Ratio=0.415)
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Flange Transition: 0.95RuFyr = 0.95(0.960)(70.0) = 63.84 ksi
22.91 ksi < 63.84 ksi ok (Ratio =0.359)

Under the load combinations specified in Table 3.4.1-1, Egs. 6.10.4.2.2-1 and 6.10.4.2.2-2 do not
control and need not be checked for composite sections in negative flexure for which the
nominal flexural resistance at the strength limit state is determined according to the provisions of
Article 6.10.8 (see Article C6.10.4.2.2). Nevertheless, the checks are illustrated above for the
sake of completeness.

Web bend buckling must always be checked, however, at the service lim{¥8ate under the
SERVICE 1I load combination for composite sections in negative flex ling to Eq.
6.10.4.2.2-4 as follows:

f. <F, 0.4.2.2-4)
where f. is the compression-flange stress at the section und e to the SERVICE
II loads calculated without consideration of flange lateral b§idi the nominal bend-

Determine the nominal web bend-buckling resi
within the unbraced length in Span 1 adjacent ction
Article 6.10.1.9.1 as follows:

-2 and at the flange transition
ccording to the provisions of

_ 0.9Ek Eq. (6.10.1.9.1-1)

but not to exceed the s er o

Eq. (6.10.1.9.1-2)

e D6.3.1 (Appendix D to Section 6 of AASHTO LRFD (5" Edition, 2010)),
tions in negative flexure at the service limit state where the concrete deck is
e in tension for computing flexural stresses on the composite section, the

for composite
considered effe

depth of the web Wi compression in the elastic range, Dy, is to be computed from Eq. D6.3.1-1 as
follows:
—f
D, =|———1d-t, 20 Eq. (D6.3.1-1)
f.|+1,

where f; is the sum of the various tension-flange stresses caused by the factored loads, calculated
without considering flange lateral bending, and d is the depth of the steel section. Eq. D6.3.1-1
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recognizes the beneficial effect of the dead-load stress on the location of the neutral axis of the
composite section (including the concrete deck) in regions of negative flexure. Therefore,

—(=39.07)
[-39.07|+26.26

Section2-2: D = { J73.0 —-2.0=41.66in.>0 ok

k=;=24.7

(41.66/69.0)

_ 0.9(29,000)(24.7) =42.85 ksi< rnin(Rth

o 69.0
0.5625

[-39.07|ksi < 42.84 ksi ok (Ratio=0.912)

8.39 ksiok

co

F,,/0.7)=R,F, =0.97

Flange transition:

DC=[ ~(-38.70) J71.01‘.o 3.

|-38.70/+22.91

9
(43.60/69.0)"

_ 0.9(29,000)22.5) _ 3

FCI'W
69.0 Y
0.5625

= 38.70| ks

ksi < , F,,/0.7)=R,F,, =0.960(70.0) = 67.20 ksiok

0.03 ksi ok (Ratio=0.992)

10.3.3. ture Limit State (Article 6.10.5)

10.3.3.1. Load Induced Fatigue (Article 6.6.1.2)

Fatigue of the e metal at the connection-plate weld to the top (tension) flange at the
intermediate cross-frame in Span 1, located 20.0 feet to the left of Section 2-2, will be checked
for the fatigue limit state. The stress range due to the fatigue live load modified by the
corresponding dynamic load allowance of 15 percent will be used to make this check. The
lateral distribution factors for the fatigue limit state, computed earlier, are also used.

From earlier computations, the (ADTT)s., was calculated to be 1,600 trucks/day. The provisions
of Article 6.6.1.2 apply only to details subject to a net applied tensile stress, which by inspection
is the case at this particular detail.

121



Determine the fatigue detail category from Table 6.6.1.2.3-1.

Under the condition of fillet-welded connections with welds normal to the direction of stress, the
fatigue detail category for base metal at the toe of transverse stiffener-to-flange welds is
Category C'.

According to Article 6.6.1.2.3, since the projected 75-year (ADTT)s. of 1,600 trucks per day
exceeds the value of 754 trucks per day specified in Table 6.6.1.2.3-2, the detail should be
designed for an infinite life using the FATIGUE I load combination.

ranges applied to the composite section in the fatigue calculations. Thus, t
the connection-plate weld to the top flange due to the factored fatigue load
load factor specified for the FATIGUE I load combination) at th
consideration is computed using the properties of the short-term ¢

1.50(342)(8.25)12) | 1.50/-826|(825)1
153,257 153,257

v(Af)=

According to Eq. 6.6.1.2.2-1, y(Af) must not*c e
the resistance factor ¢ and design factor 1 are sp
C6.6.1.2.2).

fatigue resistance (AF),. Both
the fatigue limit state (Article

Eq. (6.6.1.2.5-1)

Therefore:

Eq. (6.6.1.2.2-1)

R ksi < 12.0ksi ok (Ratio=0.094)
10.3.3.2. pecial Fatigue Requirement for Webs (Article 6.10.5.3)
As discussed previously, interior panels of stiffened webs must satisfy Eq. 6.10.5.3-1 in order to

control elastic flexing of the web so that the member is assumed able to sustain an infinite
number of smaller loadings without fatigue cracking due to this effect.

V. <V, Eq. (6.10.5.3-1)
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where: V, = shear in the web at the section under consideration due to the unfactored
permanent loads plus the factored fatigue load
V. = shear buckling resistance determined from Eq. 6.10.9.3.3-1

In this check, the factored fatigue load is to be determined using the FATIGUE I load
combination (Table 3.4.1-1), with the fatigue live load taken as specified in Article 3.6.1.4.
Again, the fatigue live load is modified by the dynamic load allowance of 15 percent and the
lateral distribution factors for the fatigue limit state are used.

sverse stiffener
in this check

In this example, the panel adjacent to Section 2-2 will be checked. Th
spacing in this panel is d, = 10.0 feet (Figure 3). The shear at Section 2-2 to be
is computed as follows:

V, =-159+-23+-22+1.50(~56) = —288 kips
The shear buckling resistance of the 120-inch-long panel is deteq @
V, =V, =CV, Eq. (6.10.9.3.3-1)

C is the ratio of the shear buckling resistan’to t strength determined from Eq.

6.10.9.3.2-4, 6.10.9.3.2-5 or 6.10.9.3.2-6, as icable. compute the shear buckling
coefficient, k:
5
k=5+ RS Eq. (6.10.9.3.2-7)
()
5
Since, =86.9< D = 69.0 =
t, 0.5625
Eq. (6.10.9.3.2-6)
co 157 : (29,000(6.65))20.402
(122.7) 50
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V,, is the plastic shear force determined as follows:

V, =0.58F Dt, Eq. (6.10.9.3.2-3)
V. = 0.58(50)(69.0)(0.5625) = 1,126 kips

Therefore, V, =0.402(1,126) =453 kips >V, =|-288 kips ok (Ratio = 0.636)

10.34. Constructibility (Article 6.10.3)

10.3.4.1. Flexure (Article 6.10.3.2)

In regions of negative flexure, Eqs. 6.10.3.2.1-1, 6.10.3.2.1-2 and 6.10 pEtied in
Article 6.10.3.2, to be checked for critical stages of construci ged¥Ot control
because the sizes of the flanges in these regions are normal of€d by the sum of the
factored dead and live load stresses at the strength limit state. s ¢ mB@mum accumulated

negative moments from the deck-placement analysis in the
due to the steel weight, typically do not differ significantl
moments. The deck-overhang loads do in
these regions, which can be calculated and used
to that illustrated previously for Section 1-1.
case, also introduces lateral bending into t

ulated DC,; negative
ing stresses into the flanges in
equations in a manner similar
nsidered for the construction

When applying Egs. 6.10.3.2.1-1, 6N 2. 6.10.3.2.2-1 in these regions, the bottom
flange would be the discretely brace i ange and the top flange would be the
discretely braced tension flan ctibility checks to be made before the concrete
deck has hardened or is made
F., would be calculated 4
strength limit state.
composite, Fye
reinforcery

r to that demonstrated above for Section 2-2 at the
applied before the deck has hardened or is made
ignoring any contribution from the longitudinal
of brevity in this example, the application of Eqgs. 6.10.3.2.1-1,
the construction case for the unbraced lengths adjacent to

10.3.4.1.1. WWeb Bend-Buckling

For critical stagq8of construction, web bend-buckling should always be checked in regions of
negative flexure aCcording to Eq. 6.10.3.2.1-3 as follows:

fo, < 0cF,, Eq. (6.10.3.2.1-3)

where fi, is the compression-flange stress at the section under consideration due to the factored
loads calculated without consideration of flange lateral bending, and F., is the nominal bend-
buckling resistance for webs determined as specified in Article 6.10.1.9.
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In this example, check Eq. 6.10.3.2.1-3 for the noncomposite section at Section 2-2 and at the
flange transition within the unbraced length in Span 2 adjacent to Section 2-2. By inspection, the
STRENGTH IV load combination governs this check. The sum of the accumulated unfactored
negative moments during the deck casts plus the unfactored moment due to the steel weight is —
4,918 kip-feet (versus the unfactored DC; moment of —4,840 kip-feet) at Section 2-2, and —2,796
kip-feet (versus the unfactored DC; moment of —2,718 kip-feet) at the flange transition (Table 4).

For STRENGTH IV:

Section 2-2

Bot. flange: f,, =1.0 L5(=4918) 12 =-28.11ksi
3,149

Flange transition (Span 2)

1.5(=2,796)

Bot. flange: f. =1.0
8 o [ 1,789

}12= —28.13 ksi

Span = 1

Length (ft) 120.0 125. 42.0 47.0 740 875
Steel Weight =312 -414 9 67 264 288
SIP Forms (SIP) -138 -182 -143 5 31 118 129
Cast

1 172 -930 -930 -930 -930 -930

629 921 1911 2035
279 279 279 279
-17 301 1378 1513
5 301 1378 1513
69 179 551 597

64 382 1459 1594

Determine the ndminal elastic web bend-buckling resistance according to the provisions of
Article 6.10.1.9.1 as follows:

F o 0.9Ek

cw 2
D
tW

Eq. (6.10.1.9.1-1)
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but not to exceed the smaller of RyFy. and Fy,/0.7,

where: k= 9 Eq. (6.10.1.9.1-2)

(D./D)

At Section 2-2, D, for the steel section is equal to 33.26 inches. At the flange transition, D, for
the steel section is equal to 33.59 inches. From separate calculations, Ry, for the steel section is
equal to 0.983 at Section 2-2 and 0.970 at the flange transition. Therefore,

Section 2-2: k= ; =38.7

(33.26/69.0)
~0.9(29,000)(38.7)
- 69.0 \’
0.5625
¢.F. =1.0(67.13)=67.13ksi

ok ‘

= 67.13 ksi < min(R,F, ,F, /0.7)=R,F

ye? T yw

|-28.11| < 67.13 ksi

Flange transition:

9

k=—— =380
(33.59/69.0)°
F_ = 0:9(29,00038.0) \F...F, /0.7)=R,F,, =0.970(70)=67.90 ksi ok
) =65.91 ksi
13]<65.91 ksi ok (Ratio = 0.427)
10.3.4.2. ear (Article 6.10.3.3)

For critical stages of construction, Article 6.10.3.3 requires that interior panels of stiffened webs
satisfy the following requirement:

V,<0,V, Eq. (6.10.3.3-1)

where: ¢, = resistance factor for shear = 1.0 (Article 6.5.4.2)
shear in the web at the section under consideration due to the factored

=
Il
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permanent loads and factored construction loads applied to the noncomposite
section
V. = shear buckling resistance determined from Eq. 6.10.9.3.3-1

In this example, the panel adjacent to Section 2-2 will be checked. The transverse stiffener
spacing in this panel is d, = 10.0 feet (Figure 3). Since shear is rarely increased significantly due
to deck staging, the factored DC; shear at Section 2-2 will be used in this check (the
STRENGTH IV load combination governs by inspection):

(V. ), =1.0(1.5)(=159) =239 kips

The shear buckling resistance of this 120-inch panel was previously detery
kips. Therefore,

6. V. =1.0(453) =453 kips

v o cr

[-239| kips <453 kips ok  (Ratio=0.52

10.4.  Shear Connector Design (Article 6‘10)

rticle 6.10.10. According to
ld normally be provided with shear
regions of negative flexure, shear

Shear connectors are designed according to the
Article 6.10.10.1, continuous compositc gam
connectors throughout the entire
connectors must be provided where
the composite section. Both stud a
6.10.10.1.1. Stud shear connec

ar connectors are permitted in Article
gzed in this example.

10.4.1. Stud Propo

Terminating the studs
well withj limits fo@mver and penetration specified in Article 6.10.10.1.4 and will also

5-0.875) =7.125in.

Use 7/8" x 7" st@s. Check that the ratio of the height to the diameter is not less than 4.0, as
required in Article 6.10.10.1.1.

=7;0=8.0>4.0 ok

0.875

ol
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10.4.2. Pitch (Article 6.10.10.1.2)

According to the provisions of Article 6.10.10.1.2, the pitch of the shear connectors along the
longitudinal axis of the girder is to be initially determined to satisfy the fatigue limit state. The
resulting number of shear connectors is then to be checked against the number required to satisfy
the strength limit state. For the purpose of this design example, the pitch is determined at the
interior pier section (Section 2-2). The pitch at other locations can be determined in a similar
manner.

10.4.3. Fatigue Limit State

As specified in Article 6.10.10.1.2, the pitch, p, of the shear connec
following:

atisfy the

nz
< .10.1.2-1
p V. )
where: n = number of shear connectors in a cross-sectt
Z, = shear fatigue resistance of anjndividual she etermined as specified
in Article 6.10.10.2 ‘
Vg = horizontal fatigue shear range p it le

Vi 1s to be computed as follows:

Vo = (Ve ) +(F

f Eq. (6.10.10.1.2-2)
where: Vg, = longitudinal fati
Fr = radial

The longitudinal fati

Eq. (6.10.10.1.2-3)

where: Vg ertical shear force range under the applicable fatigue load combination

ecified in Table 3.4.1-1 with the fatigue live load taken as specified in Article

6.1.4

Q = first moment of the transformed short-term area of the concrete deck about the
neutral axis of the short-term composite section

I moment of inertia of the short-term composite section

The parameters I and Q should be determined using the deck within the effective flange width.
Article C6.10.10.1.2 does permit I and Q in regions of negative flexure to be determined using
the longitudinal reinforcement within the effective flange width, unless the concrete deck is
considered to be effective in tension for negative flexure in calculating the range of longitudinal
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stress, as permitted in Article 6.6.1.2.1. Since the minimum required one-percent longitudinal
reinforcement is provided in the deck according to the provisions of Article 6.10.1.7, the
concrete deck is considered to be effective in tension for negative flexure when computing
longitudinal stress ranges in this example. Therefore, I and Q must be determined using the
short-term area of the concrete deck along the entire girder.

From earlier calculations, the 75-year (ADDTT)s. was calculated to be 1,600 trucks per day.
According to Article 6.10.10.2, where the projected 75-year (ADDT)sy is greater than or equal to
960 trucks per day, the FATIGUE I load combination shall be used apgd the fatigue shear
resistance of an individual stud shear connector for infinite life shall be take

Z =5.5d’ 0.10.2-1)
where: d = diameter of the stud
ofsshear connectors in

the @@nsverse spacing of
T tigue resistance of

As stated earlier, the shear connectors are 7/8” diameter x 7”. T
a cross-section, n, will be assumed to equal three (3). Requigem:
shear connectors across the top flange are given in Article
one shear connector is computed as follows:

7. =5.5(0.875)* =4.211 kips

range, Vg, the longitudinal and radial fatigue
o compute the longitudinal fatigue shear range, Vg,
t, for the FATIGUE I load combination as follows:

In order to compute the hori
shear ranges must be determi

The terms 80 nctded to compute the longitudinal fatigue shear range, Ve As

structural dec}
flange width is

ckness, ts, 1s 9.0 inches; the modular ratio, n, equals 8.0; and the effective
4 inches (calculated previously).

Compute the transtormed deck area as follows:

Area _ (114)9)
n 8.0

Transformed deck area = =128.3in.>

Compute the first moment of the transformed short-term area of the concrete deck, Q, with
respect to the neutral axis of the uncracked live load short-term composite section. Determine
the distance from the center of the deck to the neutral axis. Section properties are taken from
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Table 10. The neutral axis of the short-term composite section is 14.65 in. measured from the
top of the top flange.

Moment arm of the deck = Neutral axis - tg, + haunch + t/2

Moment arm of thedeck =14.65—-2 +3.5+ % =20.651n.

Q=128.3(20.65)=2,649in’

Compute the longitudinal fatigue shear range per unit length, Vi,:

v ~V;Q 90(2,649)
BT 227,766

=1.05 k/in. (factored)

It is also necessary to compute Fg, the radial fatigue shear er Wit length. Article
6.10.10.1.2 directs the designer to compute Fg, by taking t two puted values from
Egs. 6.10.10.1.2-4 and 6.10.10.1.2-5. The first equation is ppr based on the stress
in the flange and the radius of curvature, whi ual to zero for straight spans per
Article 6.10.10.1.2. The second equation is a tion based on the actual cross
frame force from the analysis. As permitted in .2, for straight or horizontally
curved bridges with skew not exceeding e rad1a1 fatigue shear range from Eq.
6.10.10.1.2-5 may be taken equal bs case, Fr = Frat1 = Fran = 0.

vehicle located in Span 1 with
consideration. This means t
longitudinal shear range.
and to be conservative,

the left and then on the right of the point under
y has to turn around to produce the computed
tic loading case but has been assumed to be practical
gitudinal and radial fatigue shear ranges vectorially,

Eq. (6.10.10.1.2-2)

p<— Eq. (6.10.10.1.2-1)

< 12.633 =12.0in./row
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As specified in Article 6.10.10.1.2, the pitch must not be less than six stud diameters = 6(0.875)
= 5.25 inches nor more than 24.0 inches. The pitch computed above is satisfactory for fatigue at
this location. The pitch at other locations can be determined in a similar manner.

10.4.4. Strength Limit State (Article 6.10.10.4)
The resulting number of shear connectors will now be checked against the number required to

satisfy the strength limit state. According to Article 6.10.10.4.1, the factored shear resistance of
a single shear connector, Q;, at the strength limit state is to be taken as:

Q. =¢.Q, 0.10.10.4.1-1)
where: ¢sc = resistance factor for shear connectors = 0.85 (Article 6.5.4
Qn = nominal shear resistance of a single shear connector dete 1fied in

Article 6.10.10.4.3

As specified in Article 6.10.10.4.3, the nominal shear regsta ne
embedded in a concrete deck is to be taken as:
Q,=05A_fE, <A_F, ‘

where: A,. = cross-sectional area of a st

d shear connector

Eq. (6.10.10.4.3-1)

as determined previously)
stud shear connector as specified in

Q, =36.00 kips

Q. W85(36.00) = 30.60 kips

At the strength limit state, the minimum number of shear connectors, n, over the region under
consideration is to be taken as:

n=— Eq. (6.10.10.4.1-2)
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where P is the total nominal shear force determined as specified in Article 6.10.10.4.2.
According to Article 6.10.10.4.2, for continuous spans that are composite for negative flexure in
the final condition, the total nominal shear force, P, between the point of maximum positive
design live load plus impact moment and an adjacent end of the member is to be determined as:

P=.[P?+F Eq. (6.10.10.4.2-1)

where P, is the total longitudinal shear force in the concrete deck at the
positive live load plus impact moment taken as the lesser of:

point of maximum

P, =0.85fb.t, 0.10.4.2-2)

where bs and t, are the effective width and thickness of the concrete deck, ré

or: P,, =F, Dt +F bst; +F bty Eq. (6.10.10.4.2-3)

F, is the total radial force in the concrete deck at the poin itive live load plus

.10.4.2.
The point of maximum positive live load plus i an 1 is located 60.2 feet from
the abutment.

Py, = 0.85(4.0)(114.0)

For the steel section yielding the

No. of rows = % =36 rows
p= 60'2(12) =20.6 1n.
(36-1)
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The total nominal shear force, P, between the point of maximum positive design live load plus
impact moment and the centerline of an adjacent interior support is to be determined as:

P =P} +F; Eq. (6.10.10.4.2-5)

where Py is the total longitudinal force in the concrete deck between the point of maximum
positive live load plus impact moment and the centerline of an adjacent interior support taken as:

P, =P +P, .(6.10.10.4.2-6)

where: P, = total longitudinal force in the concrete deck at the point of sitive live

load plus impact moment (kips) taken as the lesser of either
P =0.85f" b.t, 110.4.2-2)
or
Eq. (6.10.10.4.2-3)

P,, =F,Dt, +E b;t; +F bgt;

P,= total longitudinal force in the con dec interior support (kips) taken
as the lesser of either:

P, =F,Dt, +F,b, byt Eq. (6.10.10.4.2-7)

Eq. (6.10.10.4.2-8)

crete deck between the point of maximum positive live
t moment and the centerline of an adjacent interior support (kips)

Eq. 6.10.10.4.2-8 is a conservative approximation of the tension force in the concrete deck to
account for the combined contribution of both the longitudinal reinforcement and also the
concrete that remains effective in tension based on its modulus of rupture. A more precise value
may be substituted, if desired.
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The distance between the point of maximum positive live load plus impact moment in Span 1
and the adjacent interior support is (140.0 - 60.2) = 79.8 feet. For the steel section and effective
concrete deck yielding the smallest forces in this region, P, is determined as follows:

P, =50(69)0.5)+50(18)1.375)+50(16.0)1.0)=3,763 kips

P, =0.45(4.0X114.0)9)=1,847 kips

The total longitudinal force in the deck over the interior support, P, is the@gsser of Py, or Poy;
therefore, P, is taken to be 1,847 kips.

Therefore, the total longitudinal force in the concrete deck in the region ung gtion is:
P, =3,313+1,847 =5,160 kips

Taking into account that Fy = 0, the total nominal shear for pefiion of the span is

computed as:
The minimum number of shear connectors, n, ove region consideration is taken as:
P
n=—
Q,
5,160
n= =169

30.6

P=,/P; +0> =P, =5,160 kips ‘

Eq. (6.10.10.4.1-2)

Compute the required , P, 1n n at the strength limit state with 3 studs per row.

say 57 rows

The distance between the point of maximum positive live load plus impact moment in Span 2
and each of the adjacent interior supports is 87.5 feet. Using calculations similar to the above:

P, =3,313 kips

P, = 1,847 kips

P =Pr=5,160 kips

n =169 studs

No. of rows = 57 rows

134



p=18.81in.

The final recommended pitches are governed by the fatigue limit state. The effective width of
the concrete deck is larger for the interior girders, which in conjunction with different fatigue
shear ranges, may result in slightly different recommended pitches. However, for practical
purposes, unless the differences are deemed significant, it is recommended that the same pitches
be used on all the girders.

10.5. Exterior Girder: Field Section 1

10.5.1. Transverse Intermediate Stiffener Design (Article 6.10.11.1)

Intermediate transverse stiffeners are designed according to the provisio ic[QE10.11.1.
In this example, each intermediate transverse stiffener consists of a plate ¥side of

nan 4t,, or more
ompression flange

than 6ty. Stiffeners not used as connection plates must be tig
i the tension flange.

(and are generally fillet welded to the flange), but need not@ in
However, it should be noted that the aforementioned Guidel 0 d
of these stiffeners to the tension flange. Stif%ers ecting plates for cross-frames or
diaphragms must be connected by welding o i ges. Welded connections are
generally cheaper. Also, as noted earlier, a Ca i1l exists at the termination of
the connection-plate weld to the web just low) the tension flange even when the
stiffeners are bolted to that flange.

frame connection plates) will beg is example. The same size stiffeners will be used
within the field section for pr; rade S50W steel will be used for the stiffeners

10.5.1.1. cle 6.10.11.1.2)

greater than or equal to bg/4 as required in Eq. 6.10.11.1.2-2. bg

f the widest compression flange within the field section under
consideratio y fre a minimum stiffener width that will help restrain local buckling

Eq. (6.10.11.1.2-2)

Stiffeners are commonly made up of less expensive flat bar stock. Flat bars are generally
produced in whole-inch width increments and 1/8-in. thickness increments in Customary U.S.
units.

Useb;=5.01in.>4.0in. ok
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Check that:
D
b, 22.0+% Eq. (6.10.11.1.2-1)

2.0+% =43 in.<50 in. ok

um thickness of
cred.

Try a stiffener thickness, t,, of 0.5 inches. The Guidelines recommend a
7/16" for stiffeners and connection plates, with a minimum thickness of 1/2" p

Check that: 16t, > by 1.1.2-2)

16(0.5)=8.0in.>5.0in. ok

10.5.1.2. Moment of Inertia (Article 6.10.11.1.3)

The moment of inertia requirement ensures that the transve
maintain a vertical line of near zero lateral ectiq
interior web panels to adequately develop the ghe
example, separate calculations show that the 208
inertia for the intermediate transverse stiffe i
stiffener, I, must satisfy the small

sufficient rigidity to
line of the stiffener in order for
resistance. In this particular
vern the required moment of
. The moment of inertia of the

>y Eq. (6.10.11.1.3-1)
>1p Eq. (6.10.11.1.3-2)
in which:

Eq. (6.10.11.1.3-3)

Eq. (6.10.11.1.3-4)

Eq. (6.10.11.1.3-5)

Eq. (6.10.11.1.3-6)
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where: ¢, = resistance factor for shear = 1.0 (Article 6.5.4.2)
I; = moment of inertia of the transverse stiffener taken about the edge in contact with
the web for single stiffeners
= the smaller of d, and D
o = the smaller of the adjacent web panel widths
stiffener bending rigidity parameter
the larger of Fy,,/Fcs and 1.0
s = local buckling stress for the stiffener
ys = specified minimum yield strength of the stiffener

D —a o
I

Compute the stiffener bending rigidity parameter as follows:

JzL—Z.O:—1.72<O.5

(207.0/69.0)°
Therefore, J = 0.5 and I;; is computed as follows:

I, =bt? J=(69.0)0.5)0.5)=17.25 in.*

*

Compute the parameters necessary to determine

0.31(29,000)
FCYS = 2
0.5

Therefore, F.s = 50.0 ksi.

=89.9

F, 500

F_ 500

Crs

1

1S C uted as follows:

J _

Since I; is smaller than I, Eq. 6.10.11.1.3-1 governs:

Therefore,

4 1.3 L5
(69.0)'(1.0) ( 50.0 j 4057 it
40 29,000

> 1y Eq. (6.10.11.1.3-1)

Compute the moment of inertia of the stiffener as follows:

I, =§(o.5)(5.0)3 =20.83 in.* >17.25 in.* ok
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The selected intermediate transverse stiffener is adequate.
10.6. Exterior Girder: Abutment 1
10.6.1. Bearing Stiffener Design (Article 6.10.11.2)

Bearing stiffeners are designed as columns to resist the reactions at bearing locations. According
to Article 6.10.11.2.1, bearing stiffeners must be placed on the webs of bualt-up sections at all
bearing locations. At bearing locations on rolled shapes and at other jons on built-up
sections or rolled shapes subjected to concentrated loads, where the loads aj€Eot transmitted
through a deck or deck system, either bearing stiffeners must be provided ~
be investigated for the limit states of web crippling or web local yiel
provisions of Article D6.5 (Appendix D to Section 6 of AASHTO LRFD (&
should be noted that the provisions of Article D6.5 should be svcadlirders are
incrementally launched over supports.

Bearing stiffeners must extend the full depth of the web a ctical to the outer
edges of the flanges. Each stiffener is to either be finisN@-to- wing the option of
milling or grinding) against the flange throu’whi 1 its load and attached with fillet
welds, or else attached to that flange by a fi roove weld. The Guidelines
recommend using finish-to-bear plus fillet w to co he bearing stiffeners to the
appropriate flange, regardless of whether g a chg@-frame or diaphragm is connected to the
stiffeners. Full penetration groov: ten result in welding deformation of

the flange.

ly as

The design of the bearing stiffj
50W steel will be used for the

ent 1 will be illustrated in this example. Grade
50.0 ksi).

Assemble the bearing re ctored loads at Abutment 1. The STRENGTH I load
combination controls.

1.25 3)+1.5(13)+1.75(139)] = 388 kips

10.6.1.1. jectl idth (Article 6.10.11.2.2)

The width, by, ch projecting stiffener element must satisfy:

b, <0.48t, £ Eq. (6.10.11.2.2-1)

ys

Try two 7.0-inch-wide bars welded to each side of the web. Rearranging Eq. 6.10.11.2.2-1
gives:
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() =——T2% __o6lin
0,45 29000
50.0
Try t, = 5/8"

10.6.1.2. Bearing Resistance (Article 6.10.11.2.3)

According to Article 6.10.11.2.3, the factored resistance for the fitted end alsTiffeners

is to be taken as:

(Ry,), =s(Ry,), q. (6.10.11.2.3-1)

0 (Art!
d

6.5.4.

where: ¢y = resistance factor for beﬁ'ng =
of bearing stiffeners

(Re)n =  nominal bearing resista¥Ce for

(R,,), =1.4A F

pn—ys

Eq. (6.10.11.2.3-2)

Assume for this example that 1 1 t the base of the stiffeners to clear the web-to-
flange fillet welds is 1.5 1

= (1.0)482) =482 kips >R, =388 kips ok

10.6.1.3. xial Resistance (Article 6.10.11.2.4)

Determine the axial resistance of the bearing stiffener according to Article 6.10.11.2.4. This
article directs the engineer to Article 6.9.2.1 for calculation of the factored axial resistance, P.
The yield strength is Fys, the radius of gyration is computed about the midthickness of the web,
and the effective length is 0.75 times the web depth (K¢=0.75D).

P =¢P Eq. (6.9.2.1-1)

T ¢ n
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where: P, = nominal compressive resistance determined using the provisions of Article 6.9.4
¢ = resistance factor for compression as specified in Article 6.5.4.2

As indicated in Article 6.9.4.1.1, P, is the smallest value of the applicable modes of buckling,
and in the case of bearing stiffeners, torsional buckling and flexural-torsional buckling are not
applicable. Therefore, P, is computed for flexural buckling only.

To compute P, first compute P, and P,. P, is the elastic critical buckling resistance determined
as specified in Article 6.9.4.1.2 for flexural buckling. P, is the equiyalent nominal yield
resistance equal to QFyA,, where Q is the slender element reduction factor, t3#@g equal to 1.0 for
bearing stiffeners per Article 6.9.4.1.1

2
P, =— Ez A, .1.2-1)
K7
rS
Compute the effective length of the bearing stiffener accor: to cle 6,40 11.2.4.
K¢ =0.75(69) = 51.8in. ‘

Compute the radius of gyration about the midthic of the

According to the provisions o
the web shall be included as p

b, for stiffeners welded to the web, a portion of
tive column section. For stiffeners consisting of two
n section shall consist of the two stiffener elements,
ding 9t,, on each side of the outer projecting elements
of the gro web that is part of the effective section is computed as follows:
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] —— Bearing
j/ Stiffener
{ ot /| 9ty
( i )
L Web
T Bearing
2 Stiffener

Figure 17: Effective Column Section for Bearing Stiffene g

Conservatively, continue to use the area at the base of the @ compute the axial

resistance. :

Next, compute the moment of inertia o ffective'§tion:

A,,=6.88in> (computed earlier) ‘

The total area of the effective section is therefore$

A, =450+6.88=11.4in"

- 0.625(7.0+0.5+7.
12

=1591n

Compute the radius of

2 \
P :"(2—’000)(11.4)=16,918 kips

) 51.8Y
3.73

The equivalent nominal yield resistance is computed as follows, with A used for Ag:

P, =QF,A, =(1.0)(50)11.4)=570kips
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P, 16,218

Since —*
P 570

[

=28.5>0.44,

the nominal axial compression resistance is computed as:

PO

P = 0.658(1)@] P, Eq. (6.9.4.1.1-1)

1

P = [0.658(2&5)}(570): 562 kips

The factored resistance of the bearing stiffeners is computed as fj @
P =¢.P, =0.90(562)=506kips
P, =388kips < P, =506 kips OK ‘

The bearing stiffeners selected for the exterigr gir Abutment 1 satisfy the requirements for

design.

10.6.1.4. Bearing Stiffener-t

As specified in Article 6.13.3 e of fillet welds in shear which are made with
matched or undermatched we i be%aken as the product of the effective area of the
weld and the factored re metal. For a fillet weld, the effective area is defined

in Article 6.13.3.3 as ngth multiplied by the effective throat. The effective
throat is t e from the root of the joint to the face of the fillet weld (equal to
0.707 ti or welds with equal leg sizes). As specified in Article 6.13.3.5,
the effectiy 1d is to be at least four times its nominal size, or 1% inches,

minimum speci{@d minimum yield and tensile strength compared to the minimum specified
properties of the Yese metal) is generally to be used for fillet welds. Undermatched weld metal
may be specified by the Engineer for fillet welds when the welding procedure and weld metal are
selected to ensure sound welds, and is encouraged for fillet welds connecting steels with
specified minimum yield strengths greater than 50.0 ksi. For ASTM A 709 Grade 50W steel, the
specified minimum tensile strength is 70.0 ksi (Table 6.4.1-1). Thus, assume the classification
strength of the weld metal is also 70.0 ksi. The classification strength of the weld metal is
expressed as EXX, where the letters XX stand for the minimum strength level of the electrode in
ksi.
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According to Table 6.13.3.4-1, the minimum size fillet weld is %4 inch when the base metal
thickness (T) of the thicker part joined is less than % inches. The factored shear resistance of
the weld metal is taken as:

R, =0.6¢_,F. Eq. (6.13.3.2.4b-1)

XX

where: ¢, = resistance factor for shear in the throat of the weld metal = 0.8 (Article 6.5.4.2)
Fexx classification strength of the weld metal = 70.0 ksi in this case

R, =0.6(0.80)(70.0) =33.6 ksi

The resistance of a %4 inch fillet weld in shear in kips/inch is then compute
o

ing the stiffeners to the web is

v =33.6(0.707)(0.25) = 5.94 kips/in.

The total length of weld, allowing 2.5 inches for the clips at the ym of the stiffener,

1S:

L =69.0—-2(2.5) = 64.0 in. TS

The total factored resistance of the four “-inch fi elds ¢

therefore:

4(64.0)(5.94) =1,521 88 kip

G
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10.7.  Exterior Girder: Design Example Summary

The results for this design example at each limit state are summarized below. The results for
each limit state are expressed in terms of a performance ratio, defined as the ratio of a calculated

value to the corresponding resistance.

10.7.1. Positive-Moment Region, Span 1 (Section 1-1)
10.7.1.1. Constructibility (Slender-web section)
Flexure (STRENGTH I)

Eq. (6.10.3.2.1-1) — Top flange

Eq. (6.10.3.2.1-2) — Top flange

Eq. (6.10.3.2.1-3) — Web bend buckling
Eq. (6.10.3.2.2-1) — Bottom flange

Flexure (STRENGTH III — Wind load on noncomposite structur

Eq. (6.10.3.2.1-1) — Top flange

Eq. (6.10.3.2.1-2) — Top flange

Eq. (6.10.3.2.1-3) — Web bend buckling ‘

Eq. (6.10.3.2.2-1) — Bottom flange \

Flexure (STRENGTH 1V)

Eq. (6.10.3.2.1-1) — Top flang 0.955
Eq. (6.10.3.2.1-2) — Top flange 0.977
Eq. (6.10.3.2.1-3) — Web bend buck 0.836
Eq. (6.10.3.2.2-1) — Bottom 0.602

Shear (96'-0" from the ab (STREN@TH 1V) Eq. (6.10.3.3-1) 0.447

10.7.1.2. Ser
Live-load 0.433
Permanent
0.454
0.771
10.7.1.3. atigue and Fracture Limit State
Base metal at connection plate weld to bottom flange 0.983
(72'-0" from the abutment) (FATIGUE I)
Stud shear connector weld to top flange 0.177

(100'-0" from the abutment) (FATIGUE I)
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Special fatigue requirement for webs
(shear - 7'-3" from the abutment) (FATIGUE I)

10.7.1.4. Strength Limit State (Compact Section)

Ductility requirement — Eq. (6.10.7.3-1)

Flexure — Eq. (6.10.7.1.1-1) (STRENGTH I)
Flexure — Eq. (6.10.7.1.1-1) (STRENGTH III)
Flexure — Eq. (6.10.7.1.1-1) (STRENGTH V)
Flexure — Eq. (6.10.7.1.1-1) (STRENGTH V)
Shear (End panel) (STRENGTH I) Eq. (6.10.9.1-1)

10.7.2. Interior-Pier Section (Section 2-2)
10.7.2.1. Strength Limit State (Slender-web section)
Flexure (STRENGTH I)

Eq. (6.10.8.1.1-1) — Bottom flange
Eq. (6.10.8.1.3-1) — Top flange @ Section 2-2
Eq. (6.10.8.1.3-1) — Top flange @ Flav tragsstion

Flexure (STRENGTH III)
Eq. (6.10.8.1.1-1) — Bottom flange
Eq. (6.10.8.1.3-1) — Top fl

Flexure (STRENGTH IV)
Eq. (6.10.8.1.1-1) - B
Eq. (6.10.8.1.3-1)

Permanent defornfations (SERVICE 1I)
Eq. (6.10.4.2.2-1) — Top flange @ Section 2-2
Eq. (6.10.4.2.2-1) — Top flange @ Flange transition
Eq. (6.10.4.2.2-2) — Bottom flange @ Section 2-2
Eq. (6.10.4.2.2-2) — Bottom flange @ Flange transition
Eq. (6.10.4.2.2-4) — Web bend buckling @ Section 2-2
Eq. (6.10.4.2.2-4) — Web bend buckling @ Flange transition

0.618

0.343
0.741
0.287

0.538
0.459
0.444

0.620
0.539
0.523

0.896
0.708
0.688

0.404
0.359
0.601
0.606
0.912
0.992
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10.7.2.3. Fatigue and Fracture Limit State

Base metal at connection plate weld to top flange 0.094
(20'-0" to the left of the interior pier) (FATIGUE I)

Special fatigue requirement for webs 0.636
(shear at interior pier) (FATIGUE I)

10.7.2.4. Constructibility (Slender-web section)
Flexure (STRENGTH IV)

Eq. (6.10.3.2.1-3) — Web bend buckling @ Section 2-2
Eq. (6.10.3.2.1-3) — Web bend buckling @ Flange transition

Shear (at interior pier) (STRENGTH IV) Eq.(6.10.3.3-1)
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Appendix A:
Elastic Effective Length Factor for Lateral Torsional Buckling
By
Professor Donald W. White, Georgia Institute of Technology
Michael A. Grubb, P.E., BSDI, Ltd.

The equations for determining the nominal lateral torsional buckling (LTB) resistance of the
compression flange in Articles 6.10.8.2.3 and A6.3.3 (Appendix A to LRFD Section 6) assume
an elastic effective length factor of K = 1.0 for the critical unbraced length. When adjacent
unbraced lengths are less critically loaded, substantial restraint can exist at ends of a critical

length under consideration end up being the cr1t1ca1 unbraced length for why
the lower value of K can then subsequently be used to appropriately ind

resistance of the compression flange, F.;. A lower value of F., will in turn value
of the amplification factor (specified in Article 6.10.1.6) that ma i ted first-
order compression-flange lateral bending stresses within the unj# eng d they exist.
The unbraced length, Ly, also can be modified by the effective 1 y <1 to determine a
larger nominal LTB resistance for the compression flange iti braced length

Article C6.10.8.2.3 refers to Galambos (1988) and Netherc 976) for a practical

design procedure for determining elastic effegh
for the case where a member is continuous ed lengths. The procedure is
based on the analogy between the buckling of a and the buckling of an end-
restrained column. As such, the alignment sway columns given in the AISC LRFD

unbraced length.

nstrated for the unbraced length in Span 1 of the
is unbraced length is in a region of positive flexure

The application of this
example bridge containi

M (Figure 2) 3 entlﬁed as Segments L and R, respectively.

STEP 1: Dete ¢ the moment gradient modifier, Cy, for each segment.
Segment L: Segment L contains a bottom-flange transition 42.0 feet from the abutment (Figure
3). Since the transition is located at a distance greater than 20 percent of the

unbraced length from the brace point with the smaller moment, Cy, is taken equal to
1.0 (as recommended in Article C6.10.8.2.3)".

! The procedure outlined in Appendix C (to this design example) may be used to obtain a more
precise estimate of the LTB resistance of unbraced lengths with stepped flanges.
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Segment M: Since fi,;¢/f> > 1 within this segment, C, must be taken equal to 1.0 according to the
provisions of Article 6.10.8.2.3.

Segment R: Since the member is prismatic within Segment R and since fy,i¢/f; is less than 1.0
and f, is not equal to zero, calculate the moment gradient modifier, Cy, according to
Eq. 6.10.8.2.3-7 as follows:

2
C, =1.75-1.05 flvod f) <23
f2 f2

f, is generally taken as the largest compressive stress without consideraf
due to the factored loads at either end of the unbraced length of the flang§
calculated from the critical moment envelope value. f, is always
stress is zero or tensile in the flange under consideration at both g
taken equal to zero (in this case, C, = 1 and Eq. 6.10.8.2.3-7 do
given by Eq. 6.10.8.2.3-10 as:

mia —f2 >, ‘

where fi,iq 1S the stress without consideration of
middle of the unbraced length. f, is the str
factored loads at the brace point o
be calculated from the moment en
respective points, or the smallest tensio
taken as positive in compressio

q. (6.10.8.2.3-7)

aced length, f; is
The value of fj is

f, =2f Eq. (6.10.8.2.3-10)
e to the factored loads at the
nsideration of lateral bending due to the
onding to f;. Both fy,q and f; are to
produces the largest compression at the
never in compression, and both are to be
in tension.

In this particular examplea th@BSTREN IV load combination governs the constructibility
check. The stresses be]diW are ute m the results of the deck-placement analysis (Table
11):

(1.5)(2,706)(12)

: =30.81 ksi
1,581
- _L00.5)22T3)12) _ o5 60 1
1,581
P - LOL5)(1,585)2) _ 16 05 ksi
1,581

f, =2(25.88)—(30.81)=20.95 ksi>f, =18.05 ksi ..f, =20.95 ksi

2
C,=175-1.08 —— 2095 +0.3 20.95 =1.17<2.3 ok
30.81 30.81
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STEP 2: Identify the critical segment.

The critical segment is defined as the segment that buckles elastically at the smallest multiple of
the design loadings based on the largest moment envelope value within each segment, and with
F.: calculated using the actual unbraced lengths Ly, as the effective lengths. The multiple of the
design loadings associated with the buckling of the critical segment is denoted as yn,, and the
multiples of the design loadings associated with the buckling of the adjacent segments (should
they exist) are denoted as y,. and y.r, respectively. For all of these segments, the following
equation applies:

cr

= Al

Y o (Al)

where fy,, is the largest value of the compressive stress througho Pth in the
flange under consideration and F,; is the elastic LTB stress fog d in Article

6.10.8.2.3 determined as:

C.R,n’E
= b—bz Eq. (6.10.8.2.3-8)
Ly
rt
For checking constructibility, th din tor, Ry, is to be taken equal to 1.0
(Article 6.10.1.10.2) since web be d during construction by a separate
limit state check. The effective radiu i LTB, ry, is taken as the value within the

unbraced length that produces t kling resistance. Therefore,

Segment L: that fy, is controlled by the section at the flange

ed by the larger section within the segment (r; is

1.0(1.0)r> (29,000)

—— =52.49 ksi
(24.0(12))
3.90
52.49
’Y:’YrL :m:162
Segment M: f, = LOA-9)2389)12) _ 35 g9 si

1,581
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F, =52.49 ksi

52.49
[-32.89

y=v, = =1.60 (governs)

_ 1.0(1.5)(2,706)(12) _

" —-30.81 ksi
1,581

Segment R: £,

 _ L170L0)m* (29,000)

¢ (24.0(12))2
3.90

=61.41 ksi

. 6l4l
TR T 5081

STEP 3: Calculate a stiffness ratio, o, for each of the segme

The stiffness ratio, a.,, for the critical segmerﬁs ete

(A2)

(A3)

® pinned, and n = 4 if the far end of the adjacent segment is fixed. These
eneralization of the procedures outlined by Nethercot and Trahair (1976) and
Galambos (199@to allow for consideration of the more general case of singly-symmetric I-
sections, which 4§ the most common type of section used in steel-bridge construction. If one
end of the critical segment is a simply supported end, o, = ¥ at that end. In this case, the far
ends of the adjacent segments are both continuous; therefore, n = 2 for both segments. Also, for
cases involving singly-symmetric I-sections and reverse curvature bending in any one of the
above segments, the area (bgtg + Dctyw/6) and 1, terms are the corresponding values that produce
the smallest buckling resistance.

equations are §
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2[1 6(1) + 2(38.63)(0.5)}(3 90)*

SegmentL: o, =oa, = 1- L.60Y_ 0.025
24.0(12) 1.62

2{16(1) +é(38.63)(0.5)}(3.90)2

SegmentM: o, = =2.03

24.0(12)

2{1 6(1) + 2(38.63)(0.5)}(3.90)2

1= 1600 _ 639
24.0(12) 1.99

STEP 4: Determine the stiffness ratios, G = o/, for each end o

SegmentR: o, =0, =

Left end:

Right end:

STEP 5: Obtain the effective length,factor nsway restrained column nomograph.
From Figure C-C2.2 of the AISC i i 9), for the sidesway inhibited case:

K=0.96

Therefore, for the critical unb stic lateral torsional buckling resistance may be
computed as:

7] =56.96 ksi an 8.5% increase

y smaller amplification of the first-order lateral flange bending
pression flange within this unbraced length according to Eq. 6.10.1.6-4. Of
course, the beN@hit is relatively small in this particular example, but it may be a significant
benefit in some §@des. A slightly smaller unbraced length of KL, can also be used in this case, if
desired, to detern¥fine the nominal LTB resistance of the compression flange within the critical
unbraced length, F..

? The sidesway inhibited nomograph shown in AISC (1999) does not label values for G larger
than 50. The top of the nomograph actually corresponds to G = « ; however, effectively the
same results are obtained using G = « or G = 50.
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Once the effective length factor for the critical segment has been determined, the effective length
factor for the adjacent segments should be computed as:

K, = | (A4)

where g is the multiple of the design loadings associated with the buckling of the critical
segment based on the reduced K value. For this case,

. _ 5696 _ .

Im =1 T3089

K., = X2 _097
V173

K. = 222 107
®N1L73

actually exceed 1.0, but these
raced lengths not adjacent to
the condition under investigation. The

segments are always less critical segments. For
the critical segments, K should be taken e
procedure is focused on a local

unbraced lengths adjacent to this . Engineer may assume that more remote
unbraced lengths are not affected signi ing interaction with the critical segment.

Note that the same procedure lied when the optional provisions of Appendix A
(to LRFD Section 6 -- Artic 3. to compute the nominal LTB resistance, and

when Eq. 6.10.1.6-5 is us pute th@mplification factor for flange lateral bending.
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Appendix B:
Moment Gradient Modifier, C,

Unbraced cantilevers and members where fm% >lorf,=0:C,=1

2

2
Otherwise: cb=1.75-1.05(% )+0.3(% ) £23
2 2
fO

f=2f -f,3

mi

Examples:

fmid/fz =0.8
fl/fz =0.7
Cp=1.13

37
1.4Q,

fnia> 2
Cy=1

f2:0
Co=1

fmid/fz =0.75
fl/fz =0.5
Cb =1.3

fmid/fZ =0.625

f]/f2 =0.25
w=1.51
/’/// fz
e fi/f, =-0.375
f=f,<0 } == te C,=2.19

Note: The above examples assume that the member is prismatic within the unbraced length, or the transition to a
smaller section is within 0.2L;, from the braced point with the lower moment. Otherwise, use C, = 1.
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Appendix C:
Lateral Torsional Buckling Resistance of Stepped Flanges
By
Professor Donald W. White, Georgia Institute of Technology
Michael A. Grubb, P.E. BSDI, Ltd.

As specified in Article 6.10.8.2.3, for unbraced lengths containing a transition to a smaller
section at a distance less than or equal to 20 percent of the unbraced length from the brace point
with the smaller moment, the lateral torsional buckling (LTB) resistancegnay be determined
assuming the transition to the smaller section does not exist. For a case b more than one

point with the smaller moment may be ignored and the LTB resista
nonprismatic unbraced length may then be computed as the smallest rd

throughout the unbraced length calculated using the actual S section. Note also
that the moment gradient modifier, Cp, should be taken [ i
modified by an elastic effective length factor‘en t

As illustrated in the design example (i.e. in the ection 2-2), this approximate
procedure typically results in a signific i ity (reduction) in the predicted LTB

resistance when a flange transitio : from the brace point with the smaller
moment. In this particular exampl the¥unbraced length, L, adjacent to the
interior pier from 17.0 feet to 20.0 fee ottom-flange transition located 15.0 feet
from the pier, resulted in a dropd d lateral torsional buckling resistance from 68.19

ksi to 57.11 ksi (a 16 percent

ted herein for predicting the LTB resistance of the
an unbraced length containing a single flange transition. The

in negative
calculations 1 S report are based on the following ratio:

P

Ccr

— Cl
n’EL, /L, 1)

X:

where P, is the elastic critical buckling load for a stepped column subjected to uniform axial
compression, and p’°EL /L is the corresponding elastic critical buckling load for a prismatic

column having the larger of the two moments of inertia, I,. This ratio is given by Figure CI,
which is Figure 3 from Carskaddan and Schilling (1974). This figure is further adapted from
Figure 2 of Dalal (1969), but with changes in notation, where:
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- (&)

P

and B= 1—2 (C3)

For an I-section in flexure, the above column analogy corresponds to lateral buckling of the
compression flange, and therefore,

te,b;
B: fc2 §02 (C4)
1:1"clbfc1
Based on Eq. (C1), the compression-flange stress at the maximuggeia at elastic
lateral torsional buckling of the stepped unbraced length, no o the yield
strength of the compression flange at the maximum moment loc: :
F C,R,,m’E
cr2 — X, b b2 . (CS)
Fio Fo (Lb /T ) ‘

where the moment gradient modifier, C,, is cal
6.10.8.2.3 (or Article A6.3.3 as ap

d accordWig to the provisions of Article
unbraced length is prismatic and based
on the larger section within the etermined from Figure C1 for the
analogous equivalent stepped column? er more rigorous estimations of F, may
be substituted for the value given . . Carskdddan and Schilling (1974) show that for a,
= 0.5, Eq. (C5) is conservativ more rigorous calculations of F,. It is logical
that x would always be smal uniform axial compression within an actual or

equivalent column vers me column subjected to an axial compression that
increases toward the i xural rigidity. Thus, it is conservative to apply the y
value from Figure C1 a ctor that accounts for the reduction in the elastic critical stress level
due to a sf etry of a general member subject to moment gradient conditions.

critical stre
normalized

g at the maximum moment point can be computed as follows (again
Bpect to the yield strength of the compression flange at the smaller section):

~| »

_ FCI'2 ch2 MS SXC2 Rbl — Fcr2 FyCZ Sx02 Rbl |:1+a2[&—1J:| (C6)
b2 ch2 F M S sz F F chs Rb2 M2

ycl yc2 ycl

<N
[\
b
e}
%]

where M, is a moment at the brace point with the lower moment, determined in general in the
same manner that f; is calculated when determining Cy, according to the specification provisions.
The expression within the square brackets in the final right-hand side form of Eq. (C6) is based
on the replacement of the moment envelope associated with the unbraced length under
consideration with an equivalent linear variation between M, and M. The expression within the
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square brackets, multiplied by Sxc2/Sxes, 18 fos/fh2 based on this equivalent linear variation of the
moment along the unbraced length.

Once the ratios of the elastic critical buckling stresses to the corresponding yield strengths are
determined at Location 2 and within the smaller section at the flange transition (denoted here as
Location s), the corresponding F,/Fy. values at each of the above locations may be calculated as
follows:

F
If = >n’ (C7)
ye
. F
If <= <n’
yc ch
F. F,
If =<2 (C9)
E. F,
Egs. (C7) through (C9) are obtained by wri&g he sillance expressions given by Egs.

6.10.8.2.3-1 through 6.10.8.2.3-3 in terms of th¢

to 1.0), rather than in terms of the unbraceg

mputed assuming Ry, is equal

gs. (C7) through (C9) give exactly the
¢ case of a prismatic member subject
to uniform bending moment. These
LTB resistance of unbraced lengths
configured in this manner, are
flange of prismatic members
stressed uniformly along i
the inelastic reduction, i

p in the cross-section. The equations,
tally on a uniform F/F,. within the compression
n flange in a stepped unbraced length is not
the mapping from F,/Fy. to F,, is conservative since
for this case than if the compression flange were
ed member, the smaller cross-section may experience
middle regions of the unbraced length, Eqgs. (C7) through (C9) are
d at Location s to ensure that the result is still conservative for
stepped mé gericce significant yielding prior to reaching their maximum LTB
resistance.

f this suggested procedure is illustrated to determine the LTB resistance of the

stepped bottom (@@impression) flange within the 20-foot-long unbraced length adjacent to the pier
section (Section 2-2) in the design example at the strength limit state (see Figure 3). For this
unbraced length,
L .
a,=—>= 150 =0.75
20
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_ tfczb?CZ _ 2(20)3 _ 2 0

b= tbl, 1207

x=0.9 from Figure C1

Calculate the ratio of Fco/Fyeo at Location 2 from Equation (C5) and the ratio of Fe/Fyc1 at the
section transition (Location s) from Equation (C6). The necessary data for these locations are
obtained from the design example calculations for this particular unbraced leggth:

Fuz _ .91:25(0.990)m"(29,000) _

Fo  70.0(20.0012)/5.33)
Fﬂzz.so(m'oj 3310 (0.977) 14075 8463
F, 70.0 A 1,975 )\ 0.990 14,979

F
z —@—0.7<&<n2 =9.87

F, 700  F, rS

Therefore, inelastic LTB governs at both location

In both cases,

(0.990)(0.984)(70.0) = 61.14 ksi

7 _11 JJ(O.977)(O.971)(70.0) = 60.48 ksi

stress at [N@CH® the factored loads is compared to F,, to determine that the
unbraced 18 . B resistance. Note, however, that the flange local buckling
resistance of @Pation s (as computed in the design example) would actually control
ould be taken as the nominal flexural resistance of the compression flange at
Location s. Th@@local buckling resistance of 68.19 ksi at Location 2 would not control.

In this particula e, the LTB resistance from the more rigorous approach at Location s is only
5.9 percent greatef than the single value of 57.11 ksi predicted for this unbraced length using the
less rigorous approximate approach given in the specifications. The value of 57.11 ksi is
calculated assuming the unbraced length is prismatic based on the section at Location s, with C
taken equal to 1.0. The increase in the LTB resistance may be more significant in other
situations. The suggested method herein provides one possible approach for evaluating the
calculated LTB resistance of a stepped flange (with a single step) in greater detail and for
determining a larger resistance in situations where it may be desirable or necessary to do so.
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Note that similar logic can be applied to develop a set of equations to be used in lieu of the LTB
equations given in Article A6.3.3 (Appendix A to LRFD Section 6) for sections with compact or
noncompact webs. The LTB equations given in Article A6.3.3 include the effect of the St.
Venant torsional rigidity, GJ. However, the more basic equations provided herein, ignoring the
influence of the torsional rigidity, may be conservatively used for these sections, if desired.
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